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ity Control, Material Science and Engineering, Naval Coastal and Maritime Design Engineering and 



 

vii 

Planning, Spatial Planning, Sustainable Development, Systems’ and Processes Engineering, Technology, 
Transportation, Processes, among others, and the thematic areas will be dynamically adjusted and deter-
mined taking into account both the progress of Science and Engineering, as well as future trends and the 
trending concerns and needs of Society.  
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tific Committee, will be able to submit a request to publish their Proceedings (in either Greek or English lan-
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has the approval of TCG’s Governing Bodies, either six months before the conference date (in cases where the 
proceedings are to be published prior to the conference initiation), or three months before the conference date 
(in cases where the proceedings are to be issued after the Conference). 

The Governing Committee of the TCG assigned the responsibility of the publication to the Editorial Board and 
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107 Preface by Chief Editor’s 

Preface 
The 5th National Congress on “Earthquake Engineering and Engineering Seismology”, organized by Hellenic 
Association for Earthquake Engineering (ΗΑΕΕ), and Technical Chamber of Greece (TCG), was held during 
October 20-22, 2022, in Athens, Greece. 

The conference covered offered the opportunity to discuss, primarily at a national level, novel methods for 
assessing seismic hazard and vulnerability of structures, new methods for seismic design and strengthening as 
well as recent advancements on new materials and construction processes. The lessons learned from major 
earthquakes in Greece and worldwide, and the rapid increase in computational efficiency combined with the 
developments in the field of information and communication technologies were also discussed towards safer 
structures and infrastructure that operate increasingly in a coupled manner. 

With the publication of the new generation of Eurocodes expected in 2027, and in the wake of the new reality 
shaped by the challenges of the pandemic, the 5th National Congress on 'Earthquake Engineering and Engi-
neering Seismology' aimed to rekindle dialogue within the Greek scientific and professional communities of 
engineers and seismologists. 

A summary of the Conference topics is outlined below: 

• Seismic Analysis and Design of Buildings (R/C, Steel, Masonry) 

• Seismic Analysis and Design of Bridges 

• Seismic Performance of Monuments and Historical Structures 

• Eurocode 8 & Modern Codes for Design, Assessment and Retrofit of Structures 

• Pre-earthquake Assessment of Public Buildings and Critical Structures 

• Resilience of Public Networks and Infrastructures 

• Seismic Design Based on Performance 

• Earthquake Damage Repair and Strengthening Interventions  

• Seismic Insulation of Structures – Innovative Methods for Upgrading Seismic Performance Level 

• Instrumentation and Strong Seismic Motion Recording Networks 

• Modern Numerical Methods for the Analysis of Seismic Behavior of Structure 

• High Performance Computational Methods 

• Experimental Methods 

• Mechanical / Recycling Behavior of Building Materials – New Materials 

• Geotechnical Earthquake Engineering 

• Soil-Structure Interaction. Soil Response. 

• Technical Seismology 

• Seismic Hazard Assessment 

• Seismic Risk Assessment Methods and Management Strategy 

• State Pre-earthquake Planning and Post-earthquake Crisis Management 

• Energy Efficiency and Earthquake Protection 

• Lessons Learned from recent Earthquakes in Samos (2020), Thessaly (2021) and Arkalochori (2021) 
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In total, 173 papers were accepted for oral presentation and publication, representing the work of 349 authors, 
after peer review and consequent revision.  Despite the recent – at the time - COVID-19 pandemic, the Con-
gress was attended by more than 600 delegates, researchers and practicing engineers, in physical presence. 

In close collaboration with the Technical Chamber of Greece (TEE), and following the conclusion of the con-
ference, HAEE issued an open call for the resubmission of selected papers in English, intended for publication 
in this special issue. A single-round, blind peer review process was conducted, with each paper receiving an 
average of three reviews. Accepted papers were subsequently published in this volume of Technical Annals 
following final peer review. Accordingly, 15 papers presented at the 5th National Congress on 'Earthquake 
Engineering and Engineering Seismology', encompassing all the above aspects, are featured in this special 
issue of Technical Annals – International Scientific Journal in Advances in Engineering. 

The Conference highlighted the pressing need for continued research to enhance the seismic resilience of 
structures in Greece and other earthquake-prone regions. As new challenges emerge—ranging from aging in-
frastructure to evolving design standards and cascading/compounding multi-hazard related risks, ongoing in-
novation and collaboration are essential. This volume is a small contribution towards capitalizing on the 
knowledge shared, fostering future research and promoting integrated, forward-looking solutions for a safer, 
equitable and resilient build environment.  

Prof. Anastasios Sextos, Conference Chair & Dr. Aristidis Papachristidis President of HAEE 
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Seismic risk assessment of buildings and infrastructures 
using Artificial Neural Networks: Empirical prediction 

equations 
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Abstract. The reliable assessment of the seismic risk, at urban, regional and na-
tional level, is extremely important for the government and society and contrib-
utes to the proper management of the pre-seismic crisis (interventions, strength-
ening of buildings and infrastructures), during the earthquake and post-earth-
quake. The seismic risk assessment involves many difficulties and uncertainties, 
as it depends on the successful implementation of several individual steps, start-
ing with the identification of the elements at risk, continuing with the assessment 
of seismic risk and vulnerability and finishing with the estimation of the risk and 
losses of all types. In all the above methodological frameworks, the use of Arti-
ficial Neural Networks (ANNs) is proposed in the literature. Artificial Intelli-
gence (AI)-based methodologies aim to improve the computational efficiency of 
simulations, by increasing the accuracy and reducing the computational cost. In 
this paper, a methodology using ANNs at the seismic hazard level is suggested 
to propose strong motion prediction equations (GMPE) derived from ANN train-
ing, by developing a methodological framework and a computational tool that 
enables continuous training and learning depending on the strong motion data 
that are fed to it. The proposed equations are compared with models in the liter-
ature to verify the reliability of their applicability. 

Keywords: Seismic risk assessment, seismic hazard, artificial neural networks, 
ground motion prediction equations, seismic strong motion 

1 Introduction 

The methodologies for the assessment of seismic risk of buildings and infrastructures 
are a significant tool for the evaluation of the exposure, the prioritization of interven-
tions and the development of a comprehensive upgrade plan. In this context, various 
methodologies have been developed over the last decades for the determination of the 
assessed exposure, seismic hazard and seismic fragility, which are the individual steps 
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for the assessment of seismic risk. At the same time, in several cases, computational 
tools have been developed which integrate the individual methodologies, but the com-
putational cost and time required for the analysis and calculation of risk remain signif-
icant. For this purpose, methodologies have been developed, and utilized in the indi-
vidual steps of seismic risk determination, that utilize ANNs for their direct and reliable 
determination. In particular, ANNs have been used to determine seismic vulnerability 
(Xie et al., 2020, Stefanidou et al., 2021), and very recently they have been proposed 
for seismic risk assessment (Ji et al., 2021). Additionally, the use of ANNs for seismic 
risk assessment can be applied to the prediction of seismic losses in areas with high 
seismicity (e.g. Leousis and Pnevmatikos, 2018, Pnevmatikos et al., 2020). 

This paper presents a first step of a holistic seismic risk assessment methodology to 
be developed. The proposed methodology will be an integrated, versatile and easy-to-
use methodology for assessing the vulnerability and seismic risk of buildings and in-
frastructures, fully adapted to the Greek data. It will be an important tool in the hands 
of the relevant authorities, contributing to the identification and recommendation of 
cost-effective lines of intervention and guidelines for addressing the problem pre-seis-
mically and leading to the development of a common strategic plan to improve the 
resilience of buildings and infrastructures. More specifically, one of the most important 
steps of any seismic risk assessment methodology will be presented here, which is the 
assessment of the seismic hazard model. Ground motion predictive equations (GMPEs) 
derived from ANN training will be proposed, developing a methodological framework 
and a computational tool that enables continuous training and learning according to the 
strong motion (SM) data it is supplied with, and a comparison with models proposed in 
the literature will be presented to verify its applicability. 

2 The method 

The proposed methodology, part of which will be presented in the present paper, is 
illustrated in the form of a flowchart in Fig. 1. 

The first step is the selection of the building stock and infrastructure to be studied 
and their visualization in a GIS application. The second step is the assessment of the 
seismic risk, which is the subject of the present study. The seismic hazard assessment 
of the study area is a necessary component in the seismic risk assessment. For this rea-
son, a seismic hazard analysis is required. Rather than using a deterministic model for 
the worst earthquake that may affect the region of interest, probabilistic hazard analysis 
(PSHA) adopts a probability-based framework that considers all earthquake events that 
may occur in that region (Baker, 2008). PSHA begins by identifying potential earth-
quake sources and characterizing the distribution of earthquake magnitudes and dis-
tance from the source. Then the GMPEs are derived which give the earthquake intensity 
measure (IM) as a function of the earthquake source, path and local site conditions. One 
of the key steps of PSHA is therefore the calculation of appropriate GMPEs. There are 
several methodologies to derive these relationships and in some of them, the use of 
ANN is suggested (Ji et al., 2021). 
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The next step is the assessment of the seismic vulnerability through the vulnerability 
curves and the visualization of the vulnerability in a GIS platform. Numerical simula-
tions based on the finite element method (FEM) are widely used to derive appropriate 
vulnerability curves. For reliable vulnerability assessment, a large number of numerical 
analyses are required, thus increasing the computational cost. One way to reduce this 
computational cost is the construction of meta-models, which can replace time-con-
suming FEM models. Meta-models, such as artificial neural networks (ANNs), repre-
sent a set of sophisticated statistical algorithms that capture input-output relations of 
physical models and make predictions according to these relations. 

Finally, with the synthesis of all the above steps, the seismic risk for the study area 
and the exposed elements under study can be derived. 

 
Fig. 1. Methodological framework for seismic risk assessment using ANNs 

3 Development of equations by means of ANNs 

In this section, the process of formulating the equations developed by applying 
ANNs will be briefly presented. These equations concern the correlation of PGA and 
PGV with the parameters of earthquake magnitude (Mw), its Focal Mechanism (FM), 
the shear wave velocity Vs30 at the site of recording, and the distance of the recording 
site from the projection of the rupture point on the surface (RJB). The general form of 
the equations to be developed is: 

( ) ( ) ( ) ( ) ( ) ( )PGA w s30 JB PGV w s30 JBln PGA f M ,FM,ln V ,ln R and ln PGV f M ,FM,ln V ,ln R= =      
 (1) 
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The equations were developed by applying Multilayered Feedforward Perceptron 
Neural Networks (MFPNN) (Haykin, 2009) which have the general form of Fig. 2. The 
application of MFPNNs and in particular those with a hidden layer has been proven to 
lead to the approximation of unknown functions (Hornik et al., 1989) by training them 
with appropriate training sample sets (training datasets). The procedure for deriving 
equations approximating unknown functions via MFPNN is described in detail in the 
paper of Morfidis and Kostinakis (2019). 

As regards the training of the networks, it should be noted that a database consisting 
of 2492 samples was used. This database has been presented by Margaris et al. (2021) 
and is the most up-to-date in terms of SM data for the Greek region.  An extensive 
parametric investigation was performed in order to identify the network configuration 
that leads to the optimal results. In the first stage, the criteria for the evaluation of the 
results extracted from the examined networks concerned the correlation factor R (R-
factor) and the Mean Square Error (MSE). The parameters investigated are presented 
in Fig. 2. 

 
Fig. 2. Configuration and investigated parameters of the networks used 

The training procedure applied is the cross-validation method for selecting the optimal 
model (Diamantaras and Botsis, 2019) which consists of the following 2 stages: 

• Randomly dividing the set of training samples N times into three subsets and 
training the ANN with the training sub-set (training data sub-set, Fig. 2). In this 
process, all the ANN configuration parameters, as well as, the training algorithm 
are examined and finally the parameters that lead to the optimal performance 
(here based on the selected evaluation parameters R-factor and MSE) for the test 
sample portion (testing data sub-set, Fig. 2) are selected. 

• After determining the parameters that compose the ANNs with optimal perfor-
mance according to the criteria of the previous step, these networks are re-
trained with the whole training dataset without splitting it into sub-sets. 

In the context of the present study, the MFPNNs examined were initially classified into 
three general categories: 

(a) Networks with one hidden layer and with a number of neurons ranging from 1 
to 5. These networks were investigated to determine whether they can extract 
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reliable correlation equations of the examined parameters since the small num-
ber of neurons leads to the extraction of closed elegant relations. 

(b) In networks with a hidden layer and with a number of neurons ranging from 6 
to 30. These networks were investigated to examine how much a larger number 
of neurons can improve the correlation level. 

(c) In networks with two hidden layers. Although networks with one hidden layer 
are capable of approximating unknown functions, the performance of networks 
with two hidden layers was also investigated. The addition of the second hidden 
layer significantly increases both the complexity and the training time especially 
when a large number of networks with different configurations are investigated 
as in the present case. Thus, the aim was to investigate whether this large in-
crease in complexity is also reflected in the increase in performance of the cor-
responding networks. 

The module of machine and deep learning of MATLAB R2022a was used for the de-
velopment of ANNs and their training process.  Table 1 summarizes the results for the 
optimal configurations of the networks of the three general categories. 

Table 1. Comparative evaluation of the performance of the examined MFPNNs 

    1 Hidden layer 2 Hidden layers 

    Number of neu-
rons<=5 

Number 
of neurons >5 

Number of neurons 
1-50 / layer 

SM Parameter / 
Evaluation Param-

eter  

Training Algo-
rithm / Configu-

ration 

Training Algo-
rithm / Configu-

ration 

Training Algorithm / 
Configuration 

PGA 
(cm/sec2) 

maxR 
BR/log-5 

0.934 BR/tan-13  0.935 BR/tan-log/36-24 0.936 

minMSE 0.524 BR/log-18  0.518 BR/tan-tan/20-8 0.510 

PGV 
(cm/sec) 

maxR BR/log-5 0.921 
BR/log-23 

0.922 BR/log-log/14-38 0.924 

minMSE BR/tan-4 0.471 0.467 BR/tan-log/36-14 0.453 

The most important conclusion drawn from the study in Table 1 is that adding a large 
number of neurons and/or a second hidden layer does not substantially improve the 
values of the R and MSE evaluation parameters. This means that it is possible to select 
MFPNN models with one hidden layer and number of neurons less than or equal to 
five. An additional important conclusion is that in all studied cases the BR algorithm 
led to the most reliable results however with very small differences from the other al-
gorithms considered. Based on the above conclusions it was considered sufficient to 
focus on network models with a hidden layer. For these models it can be shown (see 
e.g. Morfidis and Kostinakis, 2019) that the correlation relationship they extract has the 
form of Eq. 2 and Eq. 3. More specifically: 

(a) In the case where the activation function of the hidden layer neurons is the 
logsig function (Fig. 2): 
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(b) In the case where the activation function of the hidden layer neurons is the tansig 
function (Fig. 2) then the only difference with respect to Eq. 2 is the following: 

Where in Eqs. 2 and 3: 
nn is the number of neurons in the hidden layer, 
wij is the value of the synaptic weight of the synapse connecting neuron i of the hidden 
layer to neuron j of the input layer (the values of wij comprise a dimensional matrix 
nxm where n=nn and m=4=number of input parameters as given in Fig. 2), 
wi is the value of the synaptic weight of the synapse connecting the hidden layer neuron 
i to the output neuron (the values of wi comprise a vector nx1) 
bi is the value of the bias of neuron i (for the neurons in the hidden layer, bi comprise a 
vector nx1, and since the output layer neuron is one, bi in this case is a scalar parameter), 
the exponent (o) denotes the output level, 
the exponent (int) denotes the hidden level, 
the exponent (norm) denotes a normalized value, i.e. the value of the input or output 
parameter after transforming it through the following normalization function: 

( )
( ) ( )
( ) ( ) ( ) ( )
input

norm ds
w S30 JB

ds ds

X min X
X 2 1 X M , FM, ln V , ln R

max X min X

 −
= ⋅ − = 

−  

 (3) 

Where in the above function: 
the subscript ds denotes the training sample (data set), 
the exponent (input) indicates that the value X is the value of the parameter to be given 
as input to the trained network in order for it to extract the prediction for the PGA or 
PGV, 
the value max refers to the max value of the parameter X in the training sample ds, 
the value min refers to the min value of parameter X in the training sample ds. 

Obviously, completely analogous equations to the above apply to the PGV parameter 
but with different values of the synaptic weights w and biases b as obtained after the 
training procedures of the respective MFPNNs. 

Finally, it should be noted that values of synaptic weights and biases of all optimal 
trained networks in Table 1 with one hidden layer are available at the following hyper-
link (link). 
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4 Comparison of ANN relations with SM data and other rela-
tions 

Figs. 3a - 3d show comparisons of PGA estimates from the new ANN based equa-
tions, existing GMPEs and strong motion (SM) data for two ranges of seismic magni-
tudes. Of the existing equations presented, the Boore et al. (2021) equation is the most 
recent GMPE for the Greece, while the Kotha et al. (2020) and Chiou and Youngs 
(2014) equations have been shown to be accurate for ground motion estimation in 
Greece. Regarding PGA, it is observed that the ANN based equations show similar 
trends with both SM data and existing GMPEs. For earthquakes with magnitudes less 
than M6.0 and close distances, the BR_LOG_5F1 equation gives quite similar values 
to the equation of Boore et al. (2021), while for distances greater than 30 km the esti-
mates of the former are lower than the latter. The pattern is similar for BR_TAN_13F1 
equation, while BR_LOG_18F1 equation estimates higher values than Boore et al. 
(2021) in the near field. At long distances, where more data are available, the ANN 
based equations give similar estimates. The pattern is similar for earthquakes larger 
than M6.0, with the differences in the near-field between ANN equations and Boore et 
al. (2021) becoming sharper. In fact, the estimates of BR_LOG_18F1 and 
BR_TAN_13F1 equations yield higher estimates than all other equations presented. 
Regarding PGV, the proposed ANN equations give similar estimates to each other, ex-
cept for the near-field (<10 km) and earthquakes larger than M6.0. For the same mag-
nitude range, the estimates of the ANN equations are higher than those of Boore et al. 
(2021) and are close to the estimates of the Chiou and Youngs (2014) model. For 
smaller magnitude earthquakes, the estimates of the proposed relations are similar to 
those of Boore et al. (2021). It is notable that the differences between the displayed 
equations (new and existing) become sharper in regions where there is a lack of data. 

  

Fig. 3a. Comparison between PGA estima-
tion from ANN equations, existing GMPEs 

and SM data for 5.0<M<6.0 earthquakes 

Fig. 3b. Comparison between PGA estima-
tion from ANN equations, existing GMPEs 

and SM data for 6.0<M<7.0 earthquakes 
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Fig. 3c. Comparison between PGV estima-
tion from ANN equations, existing GMPEs 

and SM data for 5.0<M<6.0 earthquakes 

Fig. 3d. Comparison between PGV estima-
tion from ANN equations, existing GMPEs 

and SM data for 6.0<M<7.0 earthquakes 

5 Residual analysis 

In the context of GMPE development, residuals are defined according to Eq. 4, 
where R is the residual, indices i and j indicate a seismic event and a location, respec-
tively, ln(Yij) is the observed value of the SM, and μlnY is the log mean estimate of the 
SM from a model. 

( ) ( )i ij j i
ij ij lnY JB S30R ln Y μ M ,R ,V ,mech= −  (4) 

The mixed-effects analysis (Abrahamson and Youngs, 1992) is applied to the resid-
uals in order to separate them into between-event residuals and within-event residuals, 
according to Eq. 5. In Eq. 5, B is the total bias, ηi and εij are the between- and within-
event residuals, respectively. These errors are assumed to be normally distributed with 
zero mean and standard deviation τ and φ, respectively. The overall standard deviation, 
σ, is given by Eq. 6. 

ij i ijR B η ε= + +  (5) 

2 2σ τ φ= +  (6) 

Residual analysis, between mean estimates and SM data, was conducted for the pro-
posed ANN equations and the equation of Boore et al. (2021). The results are presented 
in Figs. 4 and 5 for the PGA and PGV parameters, respectively. It is observed that the 
use of ANNs smooths out the small deviation and trend observed in the error ηi with 
respect to the earthquake magnitude for the Boore et al. (2021) model for both PGA 
and PGV. Regarding the error εij with respect to the RJB distance, the pattern is similar 
between ANN and Boore et al. (2021) models, while, a slight improvement in the error 
ε with respect to the VS30 velocity is observed from the ANN equations. 



9 Technical Annals Vol 1 No.6 (2024) 

 

 
Fig. 4. Residual analysis between (η) and within (ε) seismic event for the proposed ANN and 

GMPE equations of Boore et al. (2021) for PGA 

In Fig. 6, the values of the standard deviation of the between-event (τ) and within-
event (ε) residuals, as well as, the total standard deviation (σ), for the ANN models, are 
presented with respect to the earthquake magnitude. These values are compared with 
the uncertainty model proposed by Boore et al. (2021). For the PGA (Fig. 6a), it is 
observed that the BR_TAN13F1 model has smaller standard deviations than the 
BR_LOG5F1 model. Also, the standard deviations of the two models are comparable 
to the values of Boore et al. (2021), however they seem relatively stable for all earth-
quake magnitudes, except for large magnitudes where there are not enough data. The 
pattern is similar for PGV (Fig. 6b), except that the ANN models show similar values 
of standard deviations. Table 2 shows the selected fixed standard deviation values for 
the ANN models, as selected based on Fig. 6, compared to the standard deviations of 
Boore et al. (2021). In general, similar standard deviations are observed between ANN 
and Boore et al. (2021), with ANN giving slightly smaller overall standard deviation 
values. 
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Fig. 5. Residual analysis between (η) and within (ε) seismic event for the proposed ANN and 

GMPE equations of Boore et al. (2021) for PGV 

  
Fig. 6a. Uncertainty models of ANN equa-
tions compared to the GMPE of Boore et al. 

(2021), for PGA 

Fig. 6b. Uncertainty models of ANN equa-
tions compared to the GMPE of Boore et al. 

(2021), for PGV 
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Table 2. Selected standard deviation values for the ANN models 

GMPE 
PGA PGV 

τ φ σ τ φ σ 
BR_LOG5F1 0.305 0.601 0.674 0.278 0.569 0.633 

BR_LOG13F1 0.279 0.586 0.649 - - - 
BR_TAN4F1 - - - 0.279 0.568 0.633 

Boore et al. (2021) 
M≤5.5: 0.35 

0.597 
0.692 M≤5.5: 0.35 

0.596 
0.691 

M≥6.0: 0.20 0.630 M≥6.0: 0.20 0.629 

6 Conclusions 

In the present paper, a GMPE for Greece for seismic risk assessment, which has been 
derived from ANN training, is proposed and compared with models proposed in the 
literature to verify the reliability of its applicability. Based on the results presented in 
the previous sections, it is evident that the proposed relation can be used to estimate 
both PGA and PGV accurately, as the observed error is within reasonable limits. Also, 
similar standard deviations are observed between ANN and the equations in the litera-
ture with ANN giving slightly smaller overall standard deviation values. 
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Abstract. The paper introduces an innovative method to evaluate the fragility of 
ancient freestanding colonnades. It compares the seismic response and stability 
of colonnades with freestanding columns using a simplified modeling approach 
suitable for seismic design software. The methodology bypasses the need for 
time-consuming or complex simulations. Detailed discussion is provided on the 
performance criteria and the methodology for the fragility estimations. The case 
studies aim to address the proposed modeling and its effectiveness in simulating 
ancient structures and promptly generating accurate fragility curves. The Engi-
neering Demand Parameter consistently focuses on column rotation over the slen-
derness angle, while various Intensity Measures are explored. 

Keywords: ancient monuments, rocking structures, fragility, colonnades 

1. Introduction 

In many cases, ancient structures consist of freestanding columns that are either 
monolithic or multi-drum. If the structure consists of more than one column that are 
capped by an architrave, then they form a colonnade. Such structures have survived 
powerful earthquakes over their lifetime and are of main interest for civil engineers. 
They can be found in archaeological sites and are commonly made of marble. This 
study primarily focuses on monolithic column configuration with emphasis on column 
arrays. 

Ancient freestanding colonnades exhibit rocking behavior, and their behavior has 
similarities with the behavior of a monolithic rocking column, as discussed by Diaman-
topoulos and Fragiadakis [1]. The rocking column stands as a fundamental problem in 
earthquake engineering, initially addressed by Housner [2] who proposed its equation 
of motion. Many researchers, e.g. DeJong and Dimitrakopoulos [3] and Dimitrakopou-
los and Giouvanidis [4], among others, have worked on this topic while Cheng [5], 
Palermo et al. [6] and Priestley and Tao [7] demonstrated the impressive lateral load 
stability of these structures. Moreover, Psycharis et al. [8] proposed a seismic fragility 
framework for ancient columns, introducing a fully Performance-Based Earthquake En-
gineering (PBEE) approach. This work highlights the characteristics of ancient multi-
drum columns stacked rigidly atop one another using the Discrete Element Modeling 
(DEM). 
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The current study proposes robust modeling techniques for assessing the seismic 
response of monolithic rocking structures, e.g. rocking frames (Fig. 1). Moreover, it 
presents a performance-based and rapid risk assessment framework for investigating 
their seismic response. The paper is built on previous research works of Diamantopou-
los and Fragiadakis [1, 9], where it was demonstrated the Finite Element Modeling with 
simple beam elements and rotational springs with negative stiffness. This approach is 
easily extended to monuments yielding accurate solutions for a broad array of structures 
with members that can rock. 

 
(a) 

 
(b) 

Fig. 1. Modeling of: (a) a rocking frame and (b) an array of freestanding columns using the Fi-
nite Element Method 

2. Simplified models for rocking colonnades 

Colonnades that exhibit uplift and rocking behavior can generally be represented 
using the model of Figure 2. This model builds upon the single-column framework ad-
dressed in Diamantopoulos and Fragiadakis [9]. It involves nonlinear rotational springs 
located at the rocking interfaces, namely between the ground and the columns, as well 
as between the epistyle and the top of the columns. Parameters to be defined include 
the mass matrix and the restoring moment, Mres, of the system through the M − θ rela-
tionship of the rotational springs. Essentially, the proposed model addresses the 
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generalized equation of motion governing a planar rocking structure, as initially studied 
in Diamantopoulos and Fragiadakis [1]. 

 

Fig. 2. A two-bay planar rocking structure using the proposed simplified modelling approach. 

Based on Fig. 2, the mass of the piers is mc, concentrated at their center of gravity 
and the mass of the deck/architrave is mb, lumped at the nodes D1, D2 and D3. Nonlinear 
springs are placed at the top and the bottom of the columns defining the total restoring 
moment. It is pointed out that sliding between the columns and the base or between the 
columns and the deck is always neglected. Furthermore, considering that the deck’s 
mass is lumped at the top pivot point and its distance from the pivot point of the base 
is 2R, it is assumed that the rotational moment of inertia at the center of gravity of each 
column is IC1= IC2= IC3= 1/3mcR2 + mcb2. In the case of N columns, the epistyle mass 
is mb/(N − 1) and 0.5mb/(N − 1) at the internal and the end nodes, respectively. The 
rotational moment of inertia at nodes D1s and DNs will be equal to ID1s = ... = IDNs = 
[0.5mb/(N−1)](2b)2 and at nodes D2s, . . . , D(N−1)s it will be ID2s =... = ID(N−1)s = 2ID1s. 
The M-θ relationship of each spring is obtained from the restoring moment and is dif-
ferent at the bottom and the top spring due to the different axial load: 

( ) ( )( ) sin sgn sin sgn
( 1)

btm b
c

mM m gR gR
k N

θ α θ θ α θ θ= − + −
−

 

(1) 

( )( ) sin sgn
( 1)

top bmM gR
k N

θ α θ θ= −
−

 

where k = 1, 2 for the internal and the two external columns, respectively. It is men-
tioned that γ = mb/(Nmc) while the maximum restoring moment is obtained for θ = 0. 
The proposed model is adopted for the fragility and risk estimations described in the 
next sections. 
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3. Fragility assessment framework 

Fragility curves serve as an essential tool for assessing the seismic risk of a system. 
They were initially developed to separate structural analyses from the hazard analyses 
that are referred to by engineering seismologists. Fragility curves refer to the probabil-
ities of exceeding a damage state and thus these probabilities should be calculated. This 
probability is calculated conditioned on the seismic intensity and is referred to an En-
gineering Demand Parameter (EDP) that exceed a specified threshold edp: 

( ) ( )R  F IM   P EDP edp IM|= >  (2) 

To calculate Eq. 2 three possible response cases are considered: (i) system at rest, 
(ii) system uplifted and (iii) system overturned. With the aid of the total probability 
theorem, the fragility can be calculated following the equation: 

( ) ( ) ( )R NoUplift Uplift OvtnF  P EDP  NoUplift   P  P EDP  Uplift   P P EDP  Ovtn  P| | |+= +  (3) 

where P(EDP | NoUplift), P(EDP | Uplift) and P(EDP | Ovtn) are the damage-state 
exceedance probabilities for no-uplift, uplift and overturning, respectively. For columns 
that will not uplift or overturn, P(EDP | NoUplift) = 0 and P(EDP | Ovtn) = 1, respec-
tively. Thus, the fragility curve calculation is simplified to: 

1R Ovtn NoUplift OvtnF P( EDP edp |Uplift )( P P ) P= ≥ − − +  (4) 

It should be mentioned that rocking data are assumed as lognormally distributed. 
Hence, P(EDP ≥ edp | Uplift) is calculated once the mean and the standard deviation of 
the logs of the EDP, denoted as μlogEDP and σlogEDP 

 [11], respectively, are known. Once 
they are known they can be used to calculate the probability that the EDP exceeds a 
threshold edp: 

1 logEDP

lnEDP

log( EDP )
P( EDP edp |Uplft )

−µ 
≥ = −Φ σ 

 (5) 

where Φ is the standard normal distribution. The risk can be expressed as the mean 
annual frequency (MAF) of exceeding a damage-state. Adopting the PEER's formula, 
the damage-state MAF is: 

IM
EDP IM

d P( EDP | IM ) dIM
dIM
λ

λ = ∫  (6) 

where dλIM is the slope of the hazard curve. The MAF is obtained convolving the 
slope of the site hazard curve λIM with the fragility curve P(EDP|IM) that is defined 
with respect to the EDP and the IM considered. The hazard curve is assumed known 
from site hazard analysis studies, as discussed in reference [13]. 
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4. Fragility analysis methods 

4.1 Multiple stripe analysis 

Multiple stripe analysis provides a nuanced understanding of how the system's vul-
nerability changes as seismic intensity increases, allowing for more targeted risk as-
sessment strategies. In the case of rocking structures, the damage-state fragility curves 
can be calculated using severe approaches or methods. The Incremental Dynamic Anal-
ysis (IDA) proposed in Ref. [10] is a valuable tool for such problems. In the IDA 
method, the system examined is subjected to ground motion records scaled to multiple 
intensity levels. Single record capacity curves are then produced as has been discussed 
in Diamantopoulos and Fragiadakis [12] and Fragiadakis and Diamantopoulos [13]. 

Multiple Stripe Analysis (MSA) method is another approach that has similarities to 
the IDA. In this case, the records are scaled to the same IM and thus the EDP values 
form a stripe. Stripes allow the direct calculation of the 50%, the 16% and 84% percen-
tile capacity curves conditional on the IM. It should be mentioned here that in IDA the 
scaling factors are different, but the data can be converted to a stripe form using the 
interpolation method. In this work only MSA was performed. 

If the EDP values form stripes conditional on the IM value, Eq. 4 is solved using an 
approach based on multiple stripe analysis. For every stripe, the mean and standard 
deviation conditional on the IM, are easily calculated. Considering the assumption that 
the data follow the lognormal distribution, the fragility is obtained as: 

( )1logEDP
R Ovtn NoUplift Ovtn

logEDP

log( edp )
F P P P

 µ −
= Φ − − +  σ 

 (7) 

PNoUplift and POvtn are determined as the proportion of simulations where there was no 
uplift and overturning, respectively. This is obtained for every stripe, i.e. PNoUplift and 
POvtn are calculated as the number of simulations of NoUplift or Ovtn over the total 
number of simulations, respectively. 

4.2 Cloud analysis method 

In case of unscaled, or scaled with the same factor, ground motions, they are not 
stripped and thus the data form a cloud. Thus, cloud analysis should be adopted to cal-
culate the fragility curves. The mean value of the logarithms (μlogEDP) and a single con-
stant value for the dispersion σlogEDP are provided through a linear fit. Knowing μlogEDP 
and σlogEDP and using Eq. 7 it is possible to calculate the fragility of the rocking simu-
lations. The latter requires knowledge of PNoRock and POvtn. These probabilities can be 
obtained with a logistic regression model which yields a probability estimation as a 
function of the IM. Therefore, for the NoUplift and Ovtn cases the probabilities are: 
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where the constants b1, b2, b3, b4 are the parameters of the logistic regression model, 
obtained with binomial-based, generalized linear model (GLM) regression. 

4.3 Maximum-Likelihood (MLE) fitting 

The maximum-likelihood (MLE) fitting [14] is adopted in both striped and cloud 
data. The MLE fitting approach fits the Cumulative Distribution Function (CDF) of a 
lognormal distribution on the EDP-IM plane. The fragility function is simply a lognor-
mal CDF of the form: 

a
R

a

log( EDP / )F P( EDP edp )
 θ

= ≥ = Φ β 
 (9) 

where θa and βa are determined by maximizing the likelihood function and are the 
median and the dispersion. 

In fact, Multiple-stripe analysis provides the number of successes nsuc, i.e. the num-
ber of simulations that the damage-state has been exceeded after ntot total simulations. 
Using the binomial distribution on the data of a single stripe, the probability of nsuc 
successes after ntot simulations, is defined as: 

1suc tot suctot n n n( s ) ( s )
suc

suc

n
P( Success n ) P( EDP ) ( P( EDP ))

n
− 

= = − 
 

 (10) 

  If there are k stripes, the MLE function is obtained substituting Eq. 9 
to Eq. 10 as follows: 

1

1
suc ,i tot ,i suc ,in n nk

tot ,i a a

i suc ,i a a

n log( EDP / ) log( EDP / )
n

−

=

     θ θ
= Φ −Φ     β β     
∏L  (11) 

The only variables to be determined are θa and βa, which are identified as the values 
that optimize the likelihood function of Eq. 11. It's important to highlight that the fitting 
process encompasses the entire dataset, a task readily accomplished with a basic com-
puter script. In cases where the EDP-IM pairs form a cloud, each simulation is consid-
ered a distinct stripe. Consequently, k represents the number of simulations, while ntot 
is set to one (ntot = 1), and nsuc equals one or zero, depending on whether the simulation 
surpasses the damage-state threshold or not, respectively. 
  



Risk Assessment of Ancient Colonnades 19  

 

5. Numerical results and discussion 

The structure under examination is a colonnade consisting of N = 3 columns of equal 
height. The colonnade possesses the following properties: 2h = 5m, 2b = 0.75m, and γ 
= mb/(3mc) = 1, where mb represents the mass of the epistyle, and mc signifies the mass 
of each column. Moreover, the colonnade is topped with a rigid beam weighing the sum 
of the weights of the columns. To validate the proposed modeling approach, the struc-
ture is subjected to both near-field and far-field ground motions. As illustrated in Fig. 
3, the results obtained using the proposed model depicted in Fig. 2 are compared against 
the equation of motion governing the problem. Remarkably, for both seismic records, 
a high degree of agreement is observed, confirming the precision of the proposed 
model. 

1  
2  

(a) (b) 

Fig. 3. Evaluation of the colonnade's response using the suggested model under: (a) a Loma 
Prietta 1989, Saratoga - Aloha Ave, PGA=0.36g (near-field), (b) Northridge 1994, MUL279 

component, PGA=0.52g (far-field). 

Fragility analysis was conducted using a set of thirty ground motions representing a 
scenario earthquake. Three damage-states corresponding to θ/α= 0.15, 0.35, and 1.00 
were considered, with the chosen intensity measure (IM) being the normalized peak 
ground acceleration, PGA/gtanα. In Fig. 4a fragility curves derived with different ap-
proaches are compared. Smooth curves represent Maximum Likelihood Estimation 
(MLE) fitting, while non-smooth curves were generated using Eq. 9. Notably, the two 
approaches exhibit close results. 

Fig. 4b compares fragility curves derived from cloud analysis with those from mul-
tiple stripe analysis. While the fragility curves coincide for the two damage-states, dif-
ferences are observed for the overturning damage-state. Insufficient records at high IM 
values bias fragility curves in cloud analysis. Furthermore, Fig. 5 compares the re-
sponse of the colonnade with a single column using PGA/gtanα and PGV as IMs. All 
fragilities were determined using the MLE approach on stripped data. Overall, it is 
mentioned that colonnades demonstrate greater stability compared to single columns 
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irrespective of the IM. However, IM selection does not impact the fragilities of the two 
lower damage states, but it does for the near-collapse damage-state. 

3  4  

(a) (b) 

Fig. 4. (a) Definition of smooth fragility curves, (b) comparison of multiple stripe and cloud 
analysis. The damage-states considered are θ/α = 0.15, 0.35 and 1.00. 

5  6  

(a) (b) 

Fig. 5. Comparison of a column with a colonnade in case of N=3 (γ=1, 2h=5.0m, 2b=0.75m) 
using the fragility functions: (a) IM=PGA/gtanα, (b) IM=PGV. The damage-states considered 

are θ/α = 0.15, 0.35 and 1.00. 

6. Conclusions 

The paper presents a Performance-Based Earthquake Engineering (PBEE) frame-
work for the fragility assessment of ancient structures mainly suitable for monolithic 
freestanding columns or colonnades. The numerical investigation validates the effec-
tiveness of the modeling approach in addressing various scenarios and providing pre-
cise estimations. Initially, the simple models, relying on the direct stiffness method, 
offer a robust way to analyze different colonnade configurations that use basic struc-
tural assessment tools. Their advantage lies in reducing the computational cost by 
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avoiding complex relationships for the body interactions and the energy loss assess-
ment. The latter are often required in commercial Finite Element Method (FEM) or 
Discrete Element Method (DEM) models. Furthermore, it is mentioned that the Engi-
neering Demand Parameter (EDP) is consistently the normalized rotation θ/α, while 
different options for the Intensity Measure (IM) are considered. The fragility assess-
ment is performed using either a cloud or multiple stripe analysis approach. Special 
attention is warranted for simulations that overturn or do not uplift the structure. 
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Abstract. It is well known that steel structures have a high ductility capacity and 
a high strength-to-weight ratio, which theoretically, by nature, makes them one 
of the most efficient seismic structural systems against strong earthquakes. How-
ever, the recorded experience of failures that have befallen over the last 40 years 
as a result of strong seismic actions suggests that this by itself isn't always suffi-
cient. Generally, it is essential that an appropriate and preferred conformation and 
configuration of the structural system, and in particular of its joints, be adopted. 
In any case, the steel building structures showed local failures without general or 
complete collapses. The work in this paper presents the seismic performance fo-
cused on steel building structures, as revealed by strong earthquakes such as those 
of Mexico (1985), Northridge (1994), USA, Kobe (1995), Japan, Christchurch 
(2010–2011), and New Zealand, which affected and changed the design of metal 
structures, as well as other earthquakes like Maule (2010), Chile, Emilia (2012), 
Amatrice (2016), and Italy, which completed the picture in the better understand-
ing of failures and their reasons. On the basis of the lessons learned, a discussion 
on avoiding such situations is commented on and provided in this work. 

Keywords: Steel Buildings, Seismic Performance, Benchmark Earthquakes 

1. Introduction 

Traditionally, steel structures are considered one of the most efficient earthquake-
resistant systems due to their enhanced ductile capacity and high strength-to-weight 
ratio. However, as revealed by past earthquakes, these two very important mechanical 
parameters are not sufficient to avoid failures. Although it has been observed that no 
global collapses have occurred so far, except in a few special cases, only certain local 
failures are registered at joints and connections. This real fact was recognized by the 
engineering community through the reconstruction of Christchurch in New Zealand [1]. 

In fact, the way to learn and improve our design, detailing, and construction practices 
comes from two aspects: the first is to learn from failures, and the second is from suc-
cesses. The first one reveals the level of vulnerability, while the second one reveals the 
level of capacity of any type of structural system. Both are very educational and form 
the dipole of engineering knowledge and judgment. In this direction, the seismic 
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performance is also defined by the aforementioned. The engineering community is 
mainly focused on failure, with success being self-evidenced. Associated with steel 
building structures, the avoidance of global collapse is considered a success of steel 
structures. Thus, it is of paramount importance to look at and provide a concise presen-
tation of failures from past earthquakes that influenced the design and construction, and 
at the same time, a scope of discussion as well. Literally speaking, “the light failing 
through the crack...” as wrote Leo Tolstoy, 1869, in the book War and Peace (as in our 
cases is Failure and Success). The Northridge (1994), USA, Kobe (1995), Japan, and 
Christchurch (2010–2011), New Zealand, could be considered seminal earthquakes for 
steel building design practice, while other important earthquake events, such as Mexico 
(1985), Maule (2010), Chile, Emilia (2012), Amatrice (2016), and Italy, also contrib-
uted to providing information on the seismic performance of steel building structures. 

Typically, the main structural systems used for steel buildings are the following: (i) 
moment-resisting frames, MRF, where the seismic resistance is provided mainly by the 
cyclic bending action of beams and columns, targeting through the capacity design to 
concentrate the inelastic action only in the beams; (ii) concentrically braced frames, 
CBF, where the seismic resistance is provided by the cyclic axial action of the braces; 
(iii) eccentrically braced frames, EBF, where the seismic resistance is provided by the 
axial, shear, and bending cyclic action of the eccentric region between the braces; and 
finally (iv) frames with buckling restrained braces, shear wall, and rocking systems [2]. 
From the above-mentioned structural systems, only (i), (ii), and (iii) are subjected to 
strong earthquakes, while the systems of (iv) have mainly progressed after the 
Northridge and Kobe earthquakes, and we have no signs of their behavior under real 
strong cyclic actions. Therefore, in the following discussion, only (i), (ii), and (iii) will 
be commented on. Moreover, in the steel building sector, due to its different structural 
requirements, we can distinguish between one-story buildings primarily for industrial 
applications and multi-story buildings for residential, office, retail, and hotel uses. 

This paper provides an overview of the failure observed from the occurrence of 
strong earthquakes over the past 40 years that influenced the steel building industry, 
followed by a brief discussion related to the avoidance of such situations in European 
engineering design practice. 

2. Seismic performance of steel building structures 

2.1 Mexico City, Mexico, 1985 

On September 19, 1985, a strong earthquake of Μs = 8.1 magnitude, with its epicen-
ter 400 km from Mexico City, affected Mexico City, which is situated in a highly com-
pressible clay of an old lake bed [3]. High amplitude, along with a large number of 
strong cycles and a long duration of about 30 seconds, led to the collapse of many high-
rise resilient buildings.  The specific characteristic of this earthquake was that the epi-
center, localized in Michoacán State, was about 400 km away from Mexico City, where 
the severe damage occurred; the soft clay geotechnical conditions led to the amplifica-
tion of the period at around 2.0 seconds, which coincided with the period of the col-
lapsed buildings [4,5]. The Michoacán earthquake, due to the unique soil conditions of 
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the Mexico City basin, mainly unveiled the site effects and their influence on period 
amplification, long duration, large amplitude of ground motion, and high accelerations 
as well. Generally, structures of six to twenty stories, interestingly built between 1956 
and 1976 and made of reinforced concrete, were severely damaged, while buildings 
with less than six and more than twenty stories also sustained significant damage 
[3,6,7]. 

Steel buildings in Mexico date from the '20s, they are generally considered more 
expensive than reinforced concrete structures. Mainly starting in the '40s, many tall 
buildings, ranging from 25 stories to 43 stories, were constructed [7]. In any case, steel 
buildings behaved very well, except the Pino Suarez building complex, and especially 
those with a natural period of 2.0 seconds, which was critical for resonance [7,8]. 

The Pino Suarez complex was constructed in early 1970 and consisted of five steel 
moment resisting frames, (three central buildings of 21-stories and two of 14-stories). 
The structural system of the 21-story collapsed building, which failed onto the 14-story 
building, was a moment-resisting frame consisting of welded plates forming box col-
umns with truss beams and moment-resisting connections. The collapse was attributed 
to the buckling of the exterior box columns, in the fourth storey [8,9], Fig. 1. 

 

(a) 

 
(b) 

Fig. 1. (a) Collapsed building and (b) buckled column of the Pino Suarez building [3] 

The lessons learned from the 1985 Mexico earthquake were not focused on steel 
structures that behaved well. The geological setting, the effect of local geotechnical site 
conditions, and the soil-structure interaction that strongly alters the strong ground mo-
tion, affecting the inelastic behavior of structures, were the main aftermaths. Neverthe-
less, this earthquake marked the first notable collapse of a steel structure and, moreover, 
begged questions about steel conformation practices and redundancy, the level of avail-
able ductility to withstand severe earthquakes, and the slenderness of box sections as 
well. 

2.2 Northridge earthquake, USA, 1994 
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On January 17, 1994, a strong earthquake of Mw = 6.7 magnitude, with the epicenter 
near Northridge, about 30 km northwest of downtown Los Angeles, California, dam-
aged more than 40.000 buildings of all structural systems. More than 150 tall and short 
(from one to 26-stories), new and old, steel moment-resisting frames suffered wide-
spread brittle damage. It should be underlined that no steel building collapsed and no 
loss of life was registered. The typical US pre-Northridge flange welded-web bolted 
with shear tab connection is presented in Fig 2. The failure is concentrated at the joint 
region, especially at the beam-column connection and mainly at the bottom flanges 
[10,11], Fig. 3. The damage was observed in the welded connections, with complete 
penetration welds between the beam and column flanges. In some cases, cracks were 
propagated into the column’s web and, as such, developed a column fracture or cracks 
into the beam’s flanges. Prior to the Northridge earthquake, this connection type was 
believed to have adequate ductility capacity to withstand high seismic forces. Despite 
this, experimental testing of a large scale of such connections between 1970 and 1992 
revealed relatively low beam plastic rotations between 0.010 and 0.030 rad [12,13,14]. 
Moreover, for economic reasons, a lot of buildings were constructed only with perim-
eter moment-resisting connections, while the rest were bolted with simple supported 
connections, and in many cases, the moment-resisting connections had no continuity 
and/or doubler plates or lapped plating. The brittle failure was attributed to the mechan-
ical properties of materials, insufficient practices of constructional conformation, de-
tailing, welding, and design, and poor workmanship [15,16], although an additional 
important contributing parameter was the near-field ground motion, which introduced 
a high strain rate leading to brittle mode failures [17,18,19]. 

 
 
Connection without 
welds at shear tab 

Connection with 
Welds at shear tab 

Fig. 2. Typical US pre-Northridge flange welded-web bolted beam-column connection, with 
and without weld at shear plate, for welded steel moment frames 

Fillet welds 

 Groove welds 

 Shear tab 

 Continuity plates 

 Doubler  
plates 

  Backing bar 
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(c) 

Fig. 3. Typical damage observed after the Northridge earthquake, (a) Fracture at fuse zone, (b) 
column fracture, and (c) column flange “divot” fracture [10] 

The Northridge earthquake, 1994, USA, is a benchmark point in the history of seis-
mic design of steel structures, especially steel welded moment-resisting frames. The 
unexpected damage greatly surprised the US structural engineering community [20]. 
The response was immediate and radical; a great research program was initiated, start-
ing in 1994 and ending in 2000, through the cooperation of The Structural Engineers 
Association of California (SEAOC), Applied Technology Council (ATC), and Califor-
nia Universities for Earthquake Engineering (CUREE) in cooperation with the Federal 
Emergency Management Agency (FEMA), forming the SAC Joint Venture with the 
main goal of “developing reliable, practical, and cost-effective guidelines and standards 
of practice for the repair or upgrading of damaged steel moment frame buildings, the 
design of new steel buildings, and the identification and rehabilitation of at-risk steel 
buildings” [21, 22]. It was an exemplary program; the result was design-oriented, 
namely, the development of guidelines, which were the basis for the further processing 
of new standards and codes not only for new structures and for the rehabilitation of 
existing ones [23, 24,25], but also sound information related to the metallurgy of struc-
tural steel, welding, inspection, and quality control [26,27,28]. 

a 
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It was realized that the column face, at the connection, is a highly stressed zone; 
therefore, constructional detailing using the concept of weakening (reducing the upper 
and lower flanges at a selected distance from the column face) [29,30] or strengthening 
(adding ribs, cover plates, and haunches) could be applied [31]; the plastic hinge must 
be removed from the column face to a zone of lesser stress. In addition, the detrimental 
effect of the slab, when it is coupled compositely with the beam, which converts the 
strong column-weak beam concept into a weak column-strong beam mechanism, was 
also evaluated [32,33]. 

Related to moment-resisting frames, among the “constructional novelties,” the re-
duced beam section was introduced in the current practice of designing welded moment 
connections. Further on, the welding details of the flange-welded-web bolted connec-
tions are strongly improved. Additionally, new lateral load-resisting systems were in-
troduced in practice, such as the buckling restrained braces [34] and steel plate shear 
walls systems [35]. 

Associated with the improvement of the seismic design, all the traditional steel struc-
tural systems (moment-resisting frames, concentrically and eccentrically braced 
frames) were scrutinized, and improvements related to ductility and capacity design 
were provided [36]. Another important step was the development of loading protocols 
for the assessment of the inelastic behavior of the steel subassemblies and components 
[37,38]; moreover, understanding the differences in near-field ground motion-related 
protocols was also developed and used [39]. Nevertheless, the most important issue was 
the implementation of performance-based design, where a qualitative concept was 
transformed into a quantitative methodology based on reliability engineering 
[22,40,41]. 

In the USA, the codification is rather complex and is not harmonized as in Europe 
or other countries; the seismic design of steel structures was fragmented between dif-
ferent codes according to region and jurisdiction [42]. However, the impact of the 
Northridge earthquake was crucial. The American Institute of Steel Constructions 
(AISC), representing the US steel industry, took initiatives and, exploiting the results 
of the SAC Joint Venture research program, starting in 1997 and continually revising 
the standards every five to six years, developed a complete design framework. Nowa-
days, there exist three major standards related to (i) Seismic Provisions for Structural 
Steel Buildings (ANSI/AISC 341/22), (ii) Prequalified Connections for Special and In-
termediate Steel Moment Frames for Seismic Applications (ANSI/AISC 358/22), (iii) 
Seismic Provisions for Evaluation and Retrofit of Existing Structural Steel Buildings 
(ANSI/AISC 342/22) [43]. Three issues are of particular consideration. The first is con-
nected to prequalified connections, where the prescribed eleven types of moment con-
nections, in ANSI/AISC 358/22, are prequalified and no testing is required; this means 
that the corresponding moment connection is sufficiently examined (testing, analysis, 
evaluation, review), providing a sufficient level of confidence. The second issue is that 
among the prequalified connections, there are seven that are non-proprietary (reduced 
beam section (RBS), bolted unstiffened and stiffened extended end-plates, bolted flange 
plate (BFP), welded unreinforced flange-welded web (WUF-W), cast bolted bracket 
(CBB), double-tee moment connection, slotted web (SW) moment connection) and four 
that are proprietary connections (ConXtech CONXL connection, SidePlate connection, 
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Simpson strong-tie strong frame, DuraFuse Frames moment connection). The third is-
sue prescribed in ANSI/AISC 341/22 is the protected zone; this means that in locations 
where large strains are expected (i.e., plastic hinges in beams), there are no attachments, 
discontinuities, or welded shear studs. Finally, the ANS/AISC 341 cancels the prequal-
ification in the case of composite slabs that are present. All the aforementioned provi-
sions follow the concept to ensure a reliable capacity design (i.e., the formation of plas-
tic hinges in beams and not in columns, as well as to not cancel the predetermined 
designed plastic mechanism). 

2.3 Kobe earthquake, Japan, 1995 

On January 17, 1995, a powerful earthquake of Mw = 6.9 magnitude hit Kobe city. 
The severely damaged area was a narrow, concentrated band of approximately one kil-
ometer in width and extending, in length, for about 25 km. The epicenter region was 
located on Awaji Island, 20 km from the city of Kobe. It was a near-field ground motion 
with impulsive characteristics and a short duration of about 10–15 seconds. Further-
more, close to the epicenter area, large vertical accelerations were also recorded, with 
a vertical to horizontal peak ground acceleration ratio (V/H of more than 1.5 and a mean 
value close to 0.90 [44]. For instance, in the case of the Northridge earthquake, a V/H 
ratio of 1.79 was recorded [45]. Ground motions varied significantly at the different 
sites due to local soil and geological conditions (i.e., infill-reclaimed land, alluvium, 
soft rock, and variations in the thickness of the soil at different sites). 

Steel is the second most popular structural material after wood in Japan [46]. The 
typical beam-column connection for moment resting frames used in Japan is depicted 
in Fig. 4. Generally, a box column (cold-formed or built-up) is connected with the use 
of groove welds, by the aide of the steel diaphragms, with the beam; the column is 
divided in three parts, one for the lower storey, one for the upper storey, and the middle 
segment to form the rigid node of the beam-column connection. A shear plate welded 
at the shop is used to facilitate the easy on-site welding of the beam to the column. This 
is the through-diaphragm connection, which was the most popular before the Kobe 
earthquake. There was also a solution with interior and exterior diaphragms, which are 
the most costly. 

It was surprising that the same brittle damage at the beam-column connection, as it 
was in the case of the Northridge earthquake exactly a year ago, was observed. The 
same failure at the welds, heat-affected zone, and base material fracture is recorded, 
although the general conformation of a typical joint between US and Japanese practice 
is different, Fig. 4. Moreover, brittle failure also occurred at: (i) columns (of square 
hollow section mainly cold formed), with fracture at the base material of approximately 
50–55 mm thickness, at welded column splices, and beam to brace connections; (ii) 
column bases at anchor bolts; and (iii) braces of small cross section and large slender-
ness like rods, angles, and flat plates for older buildings, while for modern buildings 
with larger cross sections, the damage was concentrated at the connection zone 
[46,47,48,49], Fig. 5,6. 

The causes of damage attributed to the fracture toughness of steel material, general 
configuration and detailing of the beam to column connection, low toughness of weld 
metal and the severity of the strong ground motion having strong pulses and high V/H 
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PGA ratio as well.  The repeatability of the damage observed for both Northridge, 1994, 
USA, and Kobe 1995, Japan, unveiled the enhanced vulnerability of the welded beam-
to column connection of the steel moment resisting frames. Moreover, the practice was 
to execute the welding on site. Hence, considering that joints are severely stressed, then 
the weldments that characterized by a potential brittleness, must be very well executed, 
inspected and assured the quality control; this was not the case. It was a failure of the 
seismic design and construction practice for both countries. 

 
Fig. 4. Typical beam-column through diaphragm connection before Kobe earthquake 

 

(a) 

 

 

(b) 
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Welding region: Access hole,  
groove weld, back up bar 
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Fig. 5. Brittle damage from Kobe earthquake, (a) beam to column fracture, (b) column fractures 
[48,49] 

                          
Fig. 6. Brittle damage from Kobe earthquake, brace fracture [48,49] 

As was the case for the USA after the Northridge, Japan also funded many research 
programs targeting to investigate the material and welding practices, evaluate the ine-
lastic behavior and the ductility capacity of moment-resisting connections, and improve 
the welded connections [50]. Certainly, the design code was revised towards perfor-
mance-based design [51]; however, the main progress was the development of high-
strength steels, fire-resistant steels, low-yield steels (with yield limits between 100 and 
200 MPa for use in steel hysteretic dampers), the introduction of buckling restrained 
braces, as well as the use of shear panel dampers [50]. The Kobe earthquake triggered 
the construction of the world's largest shaking table 3-D Full-Scale Earthquake Testing 
Facility, nicknamed "E-Defense" [52]. 

2.4 Maule earthquake, Chile, 2010 

On February 27, 2010, a strong earthquake of magnitude Mw=8.8 struck Chile. The 
epicenter was located 8 km from the town of Curanipe and 115 km from the second-
largest Chilean city of Conception, with peak ground acceleration in that city of the 
order of 0.65g. This ground motion was the second largest in Chilean earthquake his-
tory, after the Valdivia earthquake (1960). The most popular structural material in Chile 
is reinforced concrete; however, steel is used for the construction of industrial facilities, 
and therefore damage was observed in such structures [53, 54].   Generally, the steel 
structures performed well in that severe ground motion. Brace buckling, anchorage fail-
ure, roof truss failure, and buckling of the leg and wall tank are observed in Fig. 7 [53]. 
In addition, extended damage was observed to non-structural elements, such as the un-
reinforced masonry used as a façade, infill and interior partition masonry (mainly due 
to out-of-plane action), ceilings, and other architectural elements. 

This positive performance of steel structures was correlated to the overstrength pro-
vided by the seismic design code (which is based on US codes) rather than the ductility 
capacity [53]. It is important to mention that for many industrial facilities, the snow or 
wind load is the predominant one, providing the design of the building and not the 
seismic actions. One can observe that this powerful ground motion unveiled the follow-
ing: (i) the resilience of steel structures used in the industrial sector; (ii) the importance 
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of anchorage and bracing the equipment in order to avoid production and business in-
terruption. 

 
Fig. 7. Maule earthquake failure, (a) brace buckling and fracture, (b) buckling at the base of 

tanks [53] 

The Maule earthquake has not had the same global impact as the Northridge, 1994, 
USA, and Kobe, 1995, Japan earthquakes; it was a strong earthquake that subjected 
steel structures beyond their limits in one of the highest seismicity countries in the 
world. In fact, it was a test of industrial facilities built with structural steel, largely used 
all over the world. Chile has a special design code for the seismic design of industrial 
facilities, Ch2369.Of2003 [55], which also includes provisions coming from the US 
seismic design codes (AISC) [56, 57]. It is important to notice that, concerning indus-
trial facilities, except for life safety, it is of paramount importance to be functional after 
severe earthquakes; thus, they are designed to remain in the elastic field of behavior. 
Concentrically braced frames respect such conditions. Studies revealed the effective-
ness of the existing code; however, in order to satisfy continuity and operational func-
tionality after a strong earthquake, the drift is the controlling parameter [58]. Moreover, 
there are many situations where sensitive industrial equipment is also controlled by 
floor accelerations [59]. 

2.5 Christchurch earthquake, New Zealand, 2010-2011 

On September 3, 2010, and on February 22, 2011, strong earthquakes struck the city 
of Christchurch; the second one was more catastrophic for the built environment. The 
focal depth was 5 km, and the epicenter was 10 km from Christchurch's Central 

(a) 

(b) 
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Business District, causing collapses and widespread damage to reinforced concrete and 
unreinforced masonry buildings. 

With regard to steel structures, they generally performed well [60]. A specific frac-
ture was observed in the active links of the eccentrically braced frames at Pacific Res-
idential Tower, completed in 2010, with a perimeter EBF as part of a lateral load resist-
ing system, and at a hospital parking garage designed to accommodate two additional 
floors [60], the first known recording of such failure worldwide, Fig. 8. Related to the 
EBF links, many studies were performed in order to explain this unexpected fracture, 
supporting the lack of redundancy, constructional inefficiency, and material ineffi-
ciency. However, this type of failure was concentrated on the aforementioned cases and 
was not a systematic observed fracture. The other types of failure are the classical ones 
related to steel structures when subjected to severe shaking [46]. 

Of paramount importance to be underlined is that the steel structures were the pre-
ferred material for the reconstruction of Christchurch [1, 60], due to their repairability 
as compared to the reinforced concrete structures. New types of steel frames were pro-
posed and constructed, namely low-damage systems, shifting the current seismic design 
philosophy from ductility to repairability and performance [62]. 

 

Fig. 8. Fracture of EBF’s links, a) at hospital parking garage,  
b) at Pacific Residential Tower, [60] 

Moreover, typical fractures in braces and local buckling in braces and columns of 
storage rack pallets were also observed [60], Fig. 9. However, the same damage was 
also reported in the USA in a series of medium and strong ground motions, such as the 
Whittier earthquake in 1987, the Loma Prieta earthquake in 1989, the Landers earth-
quake in 1992, the Northridge earthquake in 1994, the Nisqually earthquake in 2001, 
and San Simenone in 2003. Storage rack pallets are light, although they carry heavier 
live loads than dead loads. These structures have complex inelastic behavior due to 
thin-walled and unsymmetrical cross sections and asymmetry of connections as well, 
making them prone to buckling. For instance, in the USA, after the repeated and ex-
tended damage to the steel storage rack pallets, the FEMA 460 document was published 
[64] in order to guide the industry. 

(a) (b) 
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Fig. 9. Failures of steel rack pallets in Christchurch earthquake, 2011 [60] 

This New Zealand earthquake of 2010–2011 was once again an alarming sign that 
not only the life safety but also the functionality of buildings (and also the infrastruc-
ture) must be ensured after a strong earthquake. The structural engineering community 
realized that ductility is a property that saves lives; however, this one should be bal-
anced with sufficient stiffness in order to avoid extended non-structural damage that 
interrupts the operation of a building facility. New types of structural systems are pro-
posed (such as self centering steel systems, eccentrically braced frames with replacea-
ble links, braced frames with controlled rocking [65,66], dissipative fuses for steel mo-
ment and braced frames [67,68,69] in order to ensure a controlled inelastic behavior, 
with predetermined collapsed mechanisms, however, easily repairable after a strong 
earthquake. 

2.6 Emiglia Romagna earthquake, Italy, 2012 

On May 20 and 29, 2012, two strong ground motions of magnitudes of Mw = 6.1 
and 5.8 hit the Emilia Romagna region in the northern part of Italy. A special charac-
teristic of this earthquake was the high peak vertical acceleration of the order of 1.0g 
[63,70]. 

This earthquake affected the urban and industrial areas, where, for the second one, 
many reinforced concrete one-story precast buildings were severely damaged or col-
lapsed. With regard to steel structures, this quake could be associated with the damage 
to cold-formed steel racks that are or are not part of the lateral load-resisting system of 
the building (Fig. 10). Column local buckling, plastification of connections, anchor fail-
ure, and buckling of braces are the main types of damage [63,70]. This earthquake un-
veiled, once again, the lack of seismic design for such structures. 

In response to the aforementioned failures, in Europe, after intensive research, 
[71,72], the EN 16681 design code for “Steel static storage systems. Adjustable pallet 
racking systems. Principles for seismic design” was developed and implemented as a 
European regulation, [73]. 
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Fig. 10. Failure of steel racks making part, or not of the lateral load resisting system, Emilia 

earthquake, 2012 [70] 

2.7 Amatrice earthquake, Italy, 2012 

A sequence of earthquakes on August 24, October 26, and 30 hit the region of Cen-
tral Italy, causing severe damage mainly to buildings and the architectural heritage. 
Related to the steel buildings, a characteristic failure was pointed out in the case of an 
moment resisting frame interacting with masonry infill, Fig. 11, [74]. There are many 
situations where infill masonry is used instead of braces to limit lateral deformation. 
However, for such cases, special detailing should be used; for instance, we can distin-
guish between two main ways: (i) detaching the infill masonry from the main frame 
and filling the gap with a compressible material, or (ii) connecting it with steel angles 
or other steel elements anchored to the main frame. In both cases, out-of-plan bending 
of the infill masonry must be ensured. 

 
Fig. 11. Steel frame with infill masonry interaction, Amatrice earthquake, 2016, [74] 
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3. Discussion and aftermaths 

A brief overview of the seismic performance of steel building structures reveals the 
vulnerable points and defines the limits of capacity. Principally, the accumulated expe-
rience from past earthquakes revealed that a steel structure must be detailed ensuring: 
(i) a continue flow of forces, without concentrations, (for instance using continuity 
plates, diaphragms), (ii) a compatibility of connecting systems, (i.e. in case of a com-
bination of bolts and welds employed in a connection), (iii) alternative load paths when 
a structural component buckles, through the use of high redundant systems, (iv) proper 
bracing in all directions of action and (v) suitable anchoring not permitting undesirable 
sliding or movements, (vi) the differences between near field, (predominant strain rate 
effect and vertical acceleration component), vs. far field, (predominant cyclic effect and 
influence of geotechnical conditions), earthquake actions [2,75,76,77]. 

It is well known that old structures designed without using the capacity design phi-
losophy are more prone to damage and have a higher probability of collapse. Even the 
newer structures dimensioned according to capacity design must be detailed in such a 
way to move the plastic hinge away from the column face; this is done because, by 
definition, in moment-resisting frames, the beam-column connection is the most 
stressed region. Therefore, over-stress mitigation techniques (by strengthening, adding 
cover plates and haunches to the beam’s flanges, or by weakening and reducing the 
beam’s flanges, namely the reduced beam section concept) should be applied [75]. In 
the case of MRFs governed by drift design, it is proper to use the strengthening solution 
to improve the rigidity of the joints, while in the case of prevalent seismic design, the 
weakening solution is preferred to relocate the plastic hinge in the lower stressed zone 
[31,33,78]. Furthermore, the application of the “column tree concept” is also a suitable 
solution, where shop welded and field bolted connections are employed (beam-column 
shop welded connection and a field bolted splice of beams, applied at a point of low 
bending moment, within the beam span). Finally, a simple conforming rule is to use 
higher steel quality for columns than the beams, forcing the formation of the plastic 
hinge in a region of lower strength (i.e., columns made from steel quality S355 or S460 
and beams from steel quality S235 or S275, or even S355 when the steel quality of the 
column is S460) [79,80,81]. Generalizing this rule, for elements that by definition are 
preferred to remain in the elastic region, a higher steel quality should be employed. For 
steel moment-resisting frames subjected to near-field actions, some measures would be 
to use thinner plates, high steel ultimate to yield stress ratio, sections with wider flanges, 
forcing longer flange buckling lengths [82]. 

The aforementioned discussion is associated with the ductility concept, which ac-
cepts a high level of inelastic deformation, namely a high level of damage. Nowadays, 
we can distinguish two new design trends: (i) a new concept of low-damage beam-to-
column connections, as accepted and widely used in the Christchurch reconstruction [1, 
62], and (ii) a design philosophy of connections free of damage [83] and prequalifica-
tion of connections (applicable to Europe [84,85]). In practice, the seismic design 
should balance stiffness, strength, ductility, and repairability according to seismicity, 
geotechnical conditions, building importance, cost of business interruption, and con-
struction budget. 
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Globally, both in academia and industry, a shift from the traditional forced base de-
sign, considering ductility as the only vital mechanical property, to a resilient base seis-
mic design is under debate and investigation. In fact, ductility is connected with life 
safety and collapse prevention. Currently, the structural engineering community is 
striving with issues of sustainability (to reduce material consumption, to reuse the struc-
tural elements and structures, and to recycle the steel material) and structural resiliency 
(predictable and timely functional recovery after a strong earthquake [86]). Such exam-
ples are presented in [87, 88]. Nevertheless, any type of action requires collaboration, 
combination, and the development of strong relationships between research, construc-
tion practices, and policies. 

4. Conclusions 

The present work, through a qualitative analysis, records the failures in steel building 
structures observed in the last 40 years after strong earthquakes. Such review studies 
are very useful; in the evolution of time and in a centralized way, one can monitor the 
seismic performance of steel building structures, unveiling the vulnerabilities and ca-
pacities. Learning from failures is part of education and development. From failures, 
we mainly understand the system vulnerabilities. Nevertheless, we also learn from suc-
cess; this reveals the system's capacities. To this end, we must remark that unfortu-
nately, in academic studies and also in university curricula, there are not such lectures 
to educate young students or professionals about the successes and failures of the dif-
ferent structural systems. 
Focused on the current analysis, the following conclusions could be drawn: 
• Usually steel building structures, except in the case of the Pino Suarez building in 

Mexico City, present only local failures that are repairable and not global failures 
or collapses. They ensure the criteria of life safety. 

• In the case of multistory buildings, care should be given, after strong earthquakes, 
to the inspection of the welded or bolted connections, which are covered in fire-
proof protective intumescent coating, gypsum boards, or ceilings. In these cases, 
the architectural and fire-protective elements should be removed in order to make 
the connections visible. This was the aftermath, especially from the Northridge 
earthquake in 1994, where damage was found in welds probable from previous 
earthquakes (e.g., Loma Prieta, 1989). 

• The repeated damage observed from Northridge, 1995, USA, and Kobe, 1995, 
Japan, unveiled the vulnerability of the improperly detailed welded connections. 
If this zone, especially at the column face, is highly stressed, then special care 
should be given to the onsite executed welds, and a thorough inspection must be 
performed as well. 

• Under certain circumstances, steel buildings provide a viable solution for rapid 
and safe mass construction after a devastating earthquake. This was the case with 
the Christchurch reconstruction in New Zealand after the strong earthquakes of 
2010–2011. 
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• Steel structures are the leading material and structural bearing systems for one- or 
two-story industrial building facilities and platforms. Mainly, this is due to the 
reduced dead load influencing, positively, not only the seismic action but also the 
foundation system. However, for low-rise, medium-rise, and tall buildings, there 
is a choice mainly in the USA and Japan, and at a lower level in Europe and other 
countries. In any case, this is a viable solution respecting the sustainability and 
resilient mode of constructing buildings. 

• The long list of vulnerabilities of steel storage pallet racking systems is unveiled, 
and currently, in both the USA and Europe, there is a framework to design such 
structures subjected to earthquakes. The research projects SEISRACKS1 and 
SEISRACKS2 provided proposals for the revision of the existing code; however, 
they are still not implemented. Open issues remain: loading protocols, experi-
mental tests to simulate seismic actions, and more tests with regard to full racks, 
base connections, and beam-to-inside connections. 

• Certainly, from the accumulated experience of the past 40 years, it has been 
demonstrated that steel structures, when properly designed and constructed, re-
spect the performance levels of life safety and collapse prevention. However, the 
next challenge is to ensure the performance of the operation and immediate occu-
pancy. Due to their inherent flexibility, this task would be addressed in the near 
future in order to conform resilient steel buildings to a capacity for easy repair not 
only of the bearing structure (this is done) but also of the non-structural compo-
nents, through design, and proper constructional detailing. 
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Abstract. With the increasing need to strengthen seismically vulnerable struc-
tures, the use of composite materials, particularly textile-reinforced mortars 
(TRMs), has gained significant attention. In efforts to improve the mechanical 
properties of these materials while reducing their environmental impact, new al-
ternatives are being explored. Geopolymer mortars, used as a matrix in composite 
materials, present a sustainable alternative to traditional cement-based mortars. 
The current study experimentally investigates the compressive and flexural 
strength of metakaolin-based geopolymer mortars, aiming to optimize their mix 
design. The properties of these geopolymer mortars are compared with commer-
cially available cement-based mortars suitable for use as a matrix in TRMs. The 
study focuses on two key mix design parameters: the activator-to-precursor ratio 
and the sand gradation. Results indicate that the activator-to-precursor ratio sig-
nificantly influences the strength and workability of the mortars, while the sand 
gradation primarily affects workability rather than strength. In comparison to the 
cement-based mortars studied, the geopolymer mortars demonstrated compara-
ble, and in some cases superior, compressive and flexural strength. 

Keywords: Geopolymers, Metakaolin, Composite materials, Structural 
strengthening 

1. Introduction 

More than 88% of the Greek building stock was constructed before 2000, with nearly 
half of these buildings being constructed before 1970, according to the 2011 Building 
Census [1]. As a result, a significant portion of the existing buildings in Greece were 
designed and built using outdated construction methods, materials, and specifications, 
which do not meet modern standards for structural safety or environmental sustainabil-
ity. This is particularly concerning given the high seismicity of Greece, where earth-
quakes pose a substantial threat to public safety. This combination of aging infrastruc-
ture and seismic risk underscores the urgent need for retrofitting and strengthening 
older buildings to ensure their safety and prolong their service life. As a result, the 
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demand for effective, sustainable strengthening methods has grown significantly, with 
the research community seeking to explore innovative materials and technologies that 
can provide enhanced performance while minimizing environmental impact. 

Traditionally, one of the most widely used methods for strengthening existing build-
ings has been the application of externally bonded fibre-reinforced polymers (FRP). 
FRPs are known for their high strength-to-weight ratio and ability to enhance the struc-
tural integrity of buildings, particularly in seismic zones. However, while FRPs offer 
several advantages, their use is not without limitations, such as their vulnerability to 
environmental degradation over time, including UV radiation and moisture exposure. 
Recently, the use of textile-reinforced mortars (TRM) has been gaining popularity as 
an alternative or complement to FRPs in structural retrofitting. TRMs utilize an inor-
ganic, usually cement-based, mortar matrix in combination with textile reinforcements, 
offering improved durability, fire resistance, and ease of application compared to tradi-
tional organic composites [2]. Despite the advantages of cement-based TRMs, the en-
vironmental impact of cement production—responsible for approximately 8% of global 
carbon dioxide emissions—has prompted a significant shift towards the search for more 
sustainable materials. In response to these environmental concerns, alkali-activated ma-
terials, also known as geopolymers, have emerged as a promising alternative to tradi-
tional cement-based binders [3]. Geopolymers are synthesized by activating alumino-
silicate-rich materials, such as metakaolin, fly ash, and slags, with an alkaline solution, 
producing a highly durable and environmentally friendly binder. The use of geopolymer 
mortars has been expanding across various applications, including the repair and reha-
bilitation of structures, corrosion protection, and in environments subjected to high tem-
peratures and aggressive chemical exposure [4-7]. 

The use of geopolymers in strengthening applications, such as reinforced concrete 
beams [8] and masonry [9-11], has shown promising results in comparison to conven-
tional materials. The benefits of geopolymers include not only a reduced carbon foot-
print but also enhanced fire resistance, chemical durability, and mechanical properties 
such as high early strength. Despite these advantages, the widespread adoption of geo-
polymer mortars has been hindered by several challenges, primarily related to the lack 
of standardized mix design guidelines. The variability in the chemical composition of 
the precursor materials, such as metakaolin, fly ash, or slag, significantly influences the 
physical and mechanical properties of the geopolymer product, making it difficult to 
establish universal mix design standards [15]. 

Research into geopolymer mortars has intensified in recent years, driven by the need 
for sustainable construction materials and a growing understanding of their unique 
properties. One of the key factors influencing the properties of geopolymer mortars is 
the binder composition, particularly the activator-to-precursor ratio. Recent studies 
have demonstrated a clear correlation between activator content and the compressive 
and flexural strength of geopolymer mortars, with the optimal range of activator content 
leading to the highest mechanical performance [16-18]. The activator solution typically 
consists of alkali hydroxides or silicates, which are responsible for dissolving the alu-
minosilicate precursors and initiating the polymerization process. However, excessive 
activator content can lead to undesirable side effects, such as efflorescence, where salts 
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are deposited on the mortar’s surface, which compromises both its aesthetic appearance 
and its mechanical properties [19]. 

Another important design consideration for geopolymer mortars is the type and gra-
dation of sand used in the mixture. The gradation of the sand affects the mortar’s con-
sistency, packing density, and shrinkage behavior. Studies have shown that a well-
graded sand mix, with a maximum nominal size of 1.18 mm, provides higher compres-
sive and flexural strength compared to using either very fine or coarser sand fractions. 
The optimal sand gradation facilitates the formation of a dense, compact microstruc-
ture, contributing to enhanced strength and durability of the final mortar [20,21]. 

The aim of this study is to evaluate the mechanical properties of metakaolin-based 
geopolymer mortars and optimize the mix design for their use as a sustainable matrix 
in textile-reinforced mortars (TRM). The investigation focuses on optimizing key pa-
rameters, such as the activator-to-precursor ratio and sand gradation, and how these 
factors influence the strength, consistency, and workability of the geopolymer mortars. 
Additionally, the study benchmarks the performance of the optimized geopolymer mor-
tars against commercial cement-based mortars commonly used in TRM applications. 
Through this study, the feasibility of geopolymer mortars as a sustainable and high-
performance alternative to cement-based mortars for TRM applications will be as-
sessed, with a focus on improving the longevity, safety, and environmental impact of 
retrofitted structures. 

2. Experimental programme 

In the current study, the mechanical properties of metakaolin-based geopolymer 
mortars were investigated to optimize the mix design for use as a matrix in textile-
reinforced mortars. In the first phase of the investigation, the effect of the activator-to-
precursor ratio was evaluated for five mortar mixtures (A1-A5). Based on the results 
from compressive and flexural strength tests, an optimal ratio was selected. In the sec-
ond phase of the experimental program, the effect of limestone sand gradation on the 
strength and consistency of six geopolymer mortar mixtures (B1-B6) was examined. 
Finally, the geopolymer mortars were compared with various commercially available 
cement-based mortars used in strengthening applications (T1-T7). 

2.1 Materials 

For the preparation of the geopolymer mortars a metakaolin with a content of >92% 
in aluminium and silicon oxides and particle size distribution of d10 = 2 μm, d50 = 30 
μm, d90 = 100 μm was used. The activator comprised a potassium silicate solution with 
molar ratio between silicon and potassium oxide equal to 1.68 and total dry weight 
equal to 45%. Crushed limestone sand with maximum particle size 1 mm divided in 2 
gradations, 0.5-1 mm and < 0.5 mm, was used as filler. 6 mm-long polypropylene fibres 
were also added at a volume fraction of 1% in each geopolymer mortar. A commercial 
cement-based mortar (T1) was experimentally investigated and consisted of a cement-
based dry mix with fine sand of maximum particle size 1.3 mm and polypropylene 
fibres. The cement-based mortar was mixed with water according to the manufacture’s 
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provisions. The examined geopolymer-based mortars are still under development; how-
ever, both metakaolin and the potassium silicate solution, the primary components, are 
commercially available. 

2.2 Mix design optimisation 

The mix design of the geopolymer mortars in the first optimisation phase is presented 
in Table 1. The activator to metakaolin (A:M) weight ratios chosen ranged between 
1.2:1 and 2:1. Ratios below this range resulted in dense mixtures that were difficult to 
apply, while ratios exceeding this range led to highly fluid mixtures, which were 
deemed unsuitable for the current study. During this phase, the sand gradation ratio was 
kept constant. For the mixtures in the second phase, presented in Table 2, the gradation 
of the sand (F:P ratio) was investigated. The two sand gradations used were fine sand 
with particle sizes of 0.5-1 mm (F) and powdered sand with particle sizes of < 0.5 mm 
(P). In this phase, the A:M ratio was maintained at 1.2:1, as it was identified as optimal 
in the first optimization phase. To ensure adequate workability of the mortars, the total 
amount of sand was adjusted accordingly. 

Table 1. Mix design of geopolymer mortars of the first optimisation phase 

Mortar ID A:M ratio 
Weight ratio 

Potassium 
silicate Metakaolin Sand 

0.5-1 mm 
Sand  

< 0.5 mm 
A1 1.2:1 1.2 1 1 2 
A2 1.3:1 1.3 1 1 2 
A3 1.5:1 1.5 1 1 2 
A4 1.7:1 1.7 1 1 2 
A5 2:1 2 1 1 2 

Table 2. Mix design of geopolymer mortars of the second optimisation phase 

Mortar ID F:P ratio 
Weight ratio 

Potassium 
silicate Metakaolin Sand 

0.5-1 mm 
Sand 

< 0.5 mm 
B1 1:1 1.2 1 1.25 1.25 
B2 1:1.5 1.2 1 1 1.5 
B3 1:2 1.2 1 0.75 1.5 
B4 1:2.5 1.2 1 0.6 1.5 
B5 1.5:1 1.2 1 1.42 0.95 
B6 2:1 1.2 1 1.77 0.88 

2.3 Mortar preparation 

A mechanical mixer was employed for the preparation of all mortars. For the geo-
polymer mortars, metakaolin and sand were initially dry-mixed for 1 minute. Subse-
quently, the alkali solution, to which polypropylene fibers had been added, was gradu-
ally incorporated into the dry ingredients. The mixture was then blended at medium 
speed for 2–3 minutes until homogenized, followed by an additional 5 minutes of 
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mixing at high speed. The preparation of the cement-based mortar (T1) followed a sim-
ilar procedure. The cement-based binder was combined with water, which was added 
gradually at medium speed for 5 minutes, followed by mixing at high speed for a further 
5 minutes. After mixing, all mortars were poured into molds in two layers to form 
prisms with dimensions of 40×40×160 mm, and subsequently vibrated to ensure proper 
compaction. The prisms were removed from the molds after 2 days and cured under 
ambient room conditions for a total of 28 days prior to testing. Representative prisms 
of both the cement-based and geopolymer mortars are depicted in Fig 1. To evaluate 
the flexural strength, each prism was subjected to 3-point bending, after which each 
half was tested under monotonic compression using a 40 mm cube, in accordance with 
EN 1015-11 [22]. 

 
 

(a) (b) 

Fig. 1. Typical prism of (a) cement-based and (b) geopolymer mortar 

3. Results and discussion 

3.1 Mix design optimisation 

The results of the compressive and flexural strength of both optimisation phases are 
presented in Table 3. Based on the results of the first phase, mortar A1 exhibited the 
highest strength, with an A:M ratio of 1.2:1. Its flexural and compressive strengths were 
measured at 6.6 MPa and 38.3 MPa, respectively. Increasing the A:M ratio led to a 
progressive decrease in strength, with mortar A5 showing values of 3 MPa in flexure 
and 18.3 MPa in compression. The increase in activator content also improved worka-
bility, leading to a more fluid and less stable consistency in the mortars. However, ex-
cessive activator content caused efflorescence in mortars A3, A4, and A5 (as shown in 
Fig. 2) and led to a decrease in strength. The efflorescence was more pronounced with 
higher activator content and progressed over time. As a result, mortar A1 exhibited the 
best strength, and its A:M ratio of 1.2:1 was selected as the optimal mix. 
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Table 3. Strength results from the mix design optimisation 

Mortar ID Flexural strength (MPa) Compressive strength (MPa) 

A1 6.61 38.27 
A2 6.00 34.38 
A3 4.93 26.14 
A4 3.81 22.05 
A5 3.04 18.32 
B1 6.08 35.55 
B2 5.30 35.00 
B3 6.09 31.18 
B4 5.17 29.35 
B5 5.16 33.52 
B6 5.02 33.47 

Fig. 2. Mortars of the first optimisation phase with efflorescence 

As for the mortars in the second optimization phase, since the A:M ratio was already 
optimal, no signs of efflorescence were observed. The flexural and compressive 
strength ranged from 5 MPa to 6.1 MPa and from 29.3 MPa to 35.5 MPa, respectively. 
In this case, the effect of the sand gradation ratio (P:F) was not as significant as the 
A:M ratio. On the contrary, the total amount of sand, as well as its gradation, seemed 
to have a greater impact on the consistency of the geopolymer mortars. When more 
powdered sand (< 0.5 mm) was used, as in mortars B2, B3, and B4, the mortars were 
denser. In contrast, mortars B5 and B6, which contained more fine sand (0.5-1 mm), 
were more watery, granular, and had a tendency to segregate from the geopolymer 
paste. This is a deterrent for applications as a matrix in composite materials, as the 
mortar needs to adequately impregnate the fiber textile; thus, a well-graded mix is pre-
ferred. Based on both strength and consistency, mortar B3, with a F:P ratio of 1:2, was 
selected as the optimal mix. Mortar B1, which had similar flexural strength and slightly 
higher compressive strength compared to B3, contained more fine sand and could be 
considered a good alternative. However, B3 was chosen as the optimal due to its better 
consistency. 
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3.2 Comparison between cement-based and geopolymer mortars 

Table 4. Strength results from cement-based mortars 

Mortar ID Flexural strength (MPa) Compressive strength (MPa) 

T1 4.25 21.51 
T2 [23] 9.80 39.20 
T3 [24] 3.28 8.56 
T4 [24] 4.24 30.61 
T5 [25] 3.50 20.00 
T6 [25] 8.30 40.00 
T7 [25] 4.30 30.00 

For comparison purposes, several commercial cement-based mortars used in 
strengthening applications were investigated and their strength is presented in Table 4. 
Mortar T1 is a common mortar used by the authors in strengthening applications, while 
mortars T2-T7 were used as a matrix in TRMs in other studies from literature [23-25]. 
It is evident that both optimised geopolymer mortars (A1 and B3) exhibited higher 
strength than mortar T1. Specifically, mortar A1 had higher flexural and compressive 
strength by 55.6% and 77.9%, respectively. Likewise, mortar B3 had 43.4% and 44%, 
higher flexural and compressive strength, respectively. Mortars T2-T7 had a flexural 
and compressive strength that ranged between 3.3-9.8 MPa and 8.5-40 MPa, respec-
tively. It is noticeable that there is a significant variation in the results due to the differ-
ent compositions of the cement-based mortars, with some also incorporating additive 
polymers to enhance strength (T2 and T4). When comparing the cement-based mortars 
with the geopolymer mortars A1 and B3, it is evident that the latter exhibited similar, 
and in some cases, higher strength. As shown in Fig 3, the optimal geopolymer mortars 
from both phases (A1 and B3) were able to achieve strengths comparable to the inves-
tigated cement-based mortars, surpassing their mean values for both flexural and com-
pressive strength, which were 5.38 MPa and 27.1 MPa, respectively. Therefore, based 
on these preliminary results, geopolymer mortars could be a promising alternative to 
cement-based mortars in TRMs. 
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Fig. 3. Comparison between geopolymer and cement-based mortar strength 

4. Conclusions 

In the current study the mechanical properties of geopolymer mortars with the intend 
to be used as a matrix in composite materials as an alternative to cement-based mortars 
were investigated. Two optimisation phases were conducted investigating the effect of 
the activator to precursor ratio and the gradation of sand ratio on the strength and con-
sistency of the mortars. In the end a comparison of the optimal geopolymer mortars 
with various cement-based ones was carried out. Based on the results the following 
conclusions were drawn: 

• The activator to precursor ratio (A:M) played a significant role on the strength 
of the geopolymer mortars, while the sand gradation ratio (F:P) affected more 
their consistency and workability. 

• The experimental programme resulted in the selection of the optimal A:M and 
F:P ratios equal to 1.2:1 and 1:2, respectively, based on the raw materials used. 

• The flexural and compressive strength of the optimal geopolymer mortar, 
which was measured equal to 6.1 MPa and 31.2 MPa, respectively, had similar 
strength to cement-based mortars. 

Based on the above conclusions, it is evident that geopolymer mortars could be a 
promising sustainable alternative to cement-based mortars in TRMs.  However, further 
investigation on the mechanical properties of the optimal mortar as well as its compat-
ibility with various textiles should be carried out to evaluate its performance and find 
an optimal solution for strengthening applications. 

It is also important to consider the cost implications. Cement-based mortars are 
priced at approximately 1 euro per kilogram, whereas geopolymer mixtures are esti-
mated to cost around 1.5 euros per kilogram. However, it should be noted that geopol-
ymer pricing is based on small-scale production, and bulk costs could potentially be 
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significantly lower, which may make geopolymers more economically competitive in 
the future. 
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Abstract. This paper evaluates the efficiency of the extended version of the 
KDamper (EKD) as a seismic retrofitting solution for existing multi-story build-
ing structures. Two distinct approaches are investigated. The first one considers 
the implementation of an EKD device at the structure's base level, a straightfor-
ward approach that simplifies the design process. The second one involves the 
dispersion of multiple EKDs throughout the height of the structure, a more com-
putationally demanding approach, that aims to control higher modes, especially 
in high-rise structures. Three test cases are investigated, representing low, mid, 
and high-rise building structures. The primary objective is to provide insights into 
the effectiveness of each retrofitting strategy based on the structure's height and 
number of stories, presenting a comprehensive assessment of the advantages and 
disadvantages of each option. Overall, the results underscore the positive influ-
ence of the EKD system on the dynamic response of all examined multi-story 
structures, establishing it as a compelling technology for seismic retrofitting. De-
signers can compare different retrofitting strategies based on building height and 
number of stories to choose the most efficient option. 

Keywords: Seismic Retrofitting, Damping, Negative Stiffness, KDamper 

1. Introduction 

In recent years, seismic events have caused significant devastation, particularly in 
densely populated areas. Consequently, seismic regulations for buildings, bridges, and 
infrastructure have undergone changes to enhance their seismic performance. When it 
comes to the horizontal component of seismic forces, seismic isolation has emerged as 
a highly effective alternative to conventional seismic techniques. Unlike traditional 
methods that focus on increasing the structural capacity of constructions, seismic iso-
lation operates by reducing seismic loads [1]. 
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However, the application of seismic isolation at the base of structures inevitably 
leads to substantial displacements during seismic activity [2].  This drawback is not 
universally acceptable due to various reasons. For instance, seismically isolated struc-
tures may be sensitive to wind loads, necessitate specific provisions for plumbing, heat-
ing, and drainage systems, and require substantial seismic joints to prevent collisions 
between neighboring buildings. These considerations render the seismic isolation ap-
proach unsuitable for existing structures. 

The Tuned Mass Damper (TMD), a widely adopted method for passive vibration 
control, involves adding an oscillating mass, stiffness element, and damper to a struc-
ture. Introduced by Frahm [3] and optimized by Den Hartog [4], it was initially de-
signed for undamped single-degree-of-freedom structures under harmonic excitations. 
While the TMD has shown improvements in dynamic behavior across various systems 
[5-16], it presents some drawbacks. Its efficiency depends on the optimum frequency 
and damping properties [17,18], and requires heavy masses, posing challenges in real 
applications. Moreover, seismic protection with a single TMD (STMD) may not be 
universally efficient due to the broad frequency spectrum of earthquakes [19,20]. 

To address the limitations of single TMD systems, researchers have proposed the 
use of multiple TMDs (MTMDs), either placed at the top floor or distributed across 
various levels (d-MTMDs). Initially introduced by Ayorinde and Warburton [21] for 
seismic control in civil engineering, MTMDs have been optimized by various research-
ers, showing increased efficiency compared to single TMDs, even when the total addi-
tional mass remains the same. The consensus is that optimizing the number of MTMDs 
expands the control frequency bandwidth. Recent research explores spatially distrib-
uted MTMDs to enhance the system’s efficiency and to reduce the concentrated masses, 
as studied by Chen and Wu [22] on a six-story building structure. 

A cutting-edge solution to these challenges comes in the form of the KDamper, de-
veloped in the National Technical University of Athens. This innovative approach relies 
on a meticulous combination of appropriate stiffness elements, including one with a 
negative stiffness constant [23,24]. The KDamper offers a unique advantage – the total 
stiffness of the superstructure can be maintained. This overcomes a key limitation of 
the "Quazi Zero Stiffness" (QZS) vibration isolation systems [25], which typically re-
quire a significant reduction in stiffness and, consequently, lead to decrease of the struc-
ture’s load bearing capacity [26-29]. In comparison to traditional TMD, the KDamper 
achieves superior vibration absorption and damping characteristics without the need for 
additional heavy masses, a requirement that TMD has [30]. The KDamper stands out 
by replacing the high inertial forces of added masses with the force generated by the 
negative stiffness element [30-32]. Moreover, their isolation and damping properties 
primarily result from the stiffness elements of the system, making them less susceptible 
to issues like detuning, a challenge faced by conventional TMDs. 

The effectiveness of the KDamper system has been explored for the protection of 
engineering structures against environmental loading, i.e bridges [33,34], wind turbines 
[35,36], and various other structural applications [24,37-40]. The mechanism has 
proven its ability to reduce displacement demands at the base level of seismically ex-
cited structures. In particular, Kapasakalis et al. [24] introduced the extended version 
of the KDamper concept (EKD) as a vibration absorber, while Mantakas et al. [38,41] 
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examined the system's efficiency as a seismic retrofitting measure for low-rise build-
ings. In 2023, Kapasakalis et al. [42] introduced a multiple Extended KDamper (d-
EKD) approach to enhance the performance of retrofitting strategies. Similar to one of 
the d-Multiple Tuned Mass Dampers (d-MTMDs), this approach strategically places 
EKD devices between specified building floors. The study's findings indicated that the 
d-EKD devices outperformed d-MTMDs devices, achieving superior results with sig-
nificantly less additional mass. 

This study assesses the effectiveness of the EKD system as a seismic retrofitting 
measure for multi-storey structures. It explores two distinct approaches: the first in-
volves employing an EKD as a seismic base absorber at the base level of the structure, 
while the second entails distributing multiple EKDs throughout the structure's height. 
Parametric analyses are carried out, considering factors such as the number of storeys 
and EKD devices. The overarching goal is to offer insights into the efficiency of each 
retrofitting strategy based on the structure's height and storeys, providing a comprehen-
sive evaluation of the pros and cons of each option. In general, the findings highlight 
the positive impact of the EKD system on the dynamic response of all examined multi-
storey structures, establishing it as a compelling seismic retrofitting technology. De-
signers can compare various retrofitting strategies based on building height and storeys 
to select the most efficient option. 

2. Extended KDamper Concept 

2.1 Overview of the EKD Absorber 

The examined passive vibration absorption concept, illustrated in Fig. 1 and labeled as 
the EKD system [24], is an extension of the original KDamper concept.   

 
Fig. 1. Schematic presentation of the Extended KDamper (EKD) absorber excited at its base 

Similar to the QZS oscillator, a negative stiffness (NS) element is introduced. The NS 
element is attached to the primary and additional masses, and an additional positive 
stiffness element connects the added mass to the base. In contrast to the QZS, the pri-
mary essential condition for the KDamper (and its variants) is to maintain overall static 
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and dynamic stability. The total equivalent stiffness of the system can be maintained at 
any desired level, as calculated in Eq. (1): 

( )2
0 0(2 )+ = = +

+
P N

R KD
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K K
K K f m m

K K
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The EKD system integrates an additional mass connected to a primary oscillator 
through a combination of negative stiffness (NS) and positive stiffness elements, while 
also incorporating artificial dampers. However, the primary distinction lies in the sys-
tem configuration. In the EKD system, the damper added mass (mKD) is linked to the 
base via a positive stiffness spring (KP), while the negative stiffness element (KN) is 
positioned between the damper’s mass (mKD) and the oscillating mass (m). Additionally, 
an extra artificial damper is introduced, positioned in parallel with the negative stiffness 
element. Consequently, the system includes two stiffness elements and dampers, iden-
tified as KP and KN and CP and CN, respectively. Employing a simplifying approxima-
tion, the system can be treated as linear, suggesting that the negative stiffness (NS) 
element generates a force proportional to the relative displacement between its termi-
nals. The governing equations of motion for the EKD system under base excitation is 
formulated as follows: 
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where us,rel=us-ug and uKD,rel=uKD-ug. 

2.2 Experimental prototype & proof of concept 

Recently, an experimental prototype of the Extended version of the KDamper (EKD) 
was designed, constructed, and tested on the shaking table of the Soil Mechanics La-
boratory of the National Technical University of Athens. The experiment functions as 
validation and proof of concept of the initial analytical and numerical frameworks [39]. 
The simplified experimental setup, depicted in Fig. 2, incorporates various components 
such as steel plates, aluminum parts, roller bearings, and a prismatic pre-stressed coil 
spring, employed for the realization of the NS element. 

The design specifically aims for an oscillating mass (m) of approximately 16 kg (pri-
mary structure), with an internal added mass (mKD) of around 0.82 kg, constituting 5% 
of the total mass (m). The prototype is constructed based on a constrained engineering-
criteria based optimization methodology. Furthermore, additional calculations are per-
formed to ensure structural members resist buckling, and relative displacements of de-
vice parts (e.g., maximum internal mass displacement, maximum negative stiffness rel-
ative displacement, maximum lever arm rotation, etc.) fall within predefined design 
limits. In the pursuit of exclusively assessing the efficiency of this negative stiffness 
(NS)-based mechanism, without considering the potential impact of additional damp-
ing, no artificial dampers were introduced to the device, further validating its vibration 
absorption capabilities. 
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Fig. 2. Schematic presentation of the Extended KDamper (EKD) absorber excited at its base 

In Fig. 3, the experimentally estimated frequency response of the EKD vibration 
absorber is juxtaposed to the response of an equivalent Single Degree of Freedom 
(SDoF) oscillator. The obtained results provide validation for the expected behavior of 
the KDamper, thereby confirming the accuracy of the analytically derived equations of 
motion and dynamic performance. 

Notably, when examining the magnification factor of the system, particularly when 
the seismic mass (m) is exclusively mounted on the KR stiffness elements (indicated by 
the black dashed-line), the efficacy of the system is highlighted. More specifically, there 
is an approximate 60% reduction in the fundamental resonance peak, highlighting the 
significant increase of the controlled systems equivalent damping, leading to an isola-
tion frequency of approximately 1.4 Hz, aligning seamlessly with the intended objec-
tive of the device. 

 
Fig. 3. Frequency response of the EKD device compared to the SDoF oscillator 
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3. Optimization approach and performance assessment 

The primary emphasis in designing the EKD is on determining the dimensions of its 
stiffness elements. While theoretically these values can be computed based on the 
equivalent static stiffness of the EKD setup, Eq. (1), practical implementation necessi-
tates considerations such as adherence to manufacturing tolerances and thorough atten-
tion to nonlinearity [43]. To ensure both static and dynamic stability of the EKD, the 
design treats KP, KN, and KR as design parameters with adjustable values. Introducing 
perturbations 𝜀𝜀𝑃𝑃, 𝜀𝜀𝑁𝑁, and 𝜀𝜀𝑅𝑅 to the stiffness variables KP, KN, and KR, respectively, allows 
for the computation of the configuration's sensitivity in terms of stiffness instabilities. 
Instability occurs when the determinant of the stiffness matrix is equal to zero: 

It's important to note that by ensuring the stability of the EKD in static conditions 
(uNS = 0), dynamic stability is also guaranteed. This is attributed to the mechanics of 
the NS configuration employed, where the highest absolute value of the generated NS 
is observed at the equilibrium position. Consequently, the positive stiffness elements 
KP and KR, are derived as functions of 𝑓𝑓0, and KN. Assuming that the mass mKD, the 
mass matrix of the initial structure to be controlled, the horizontal stiffness of the flex-
ural elements of the floors K1, …, KN .and the stability factors 𝜀𝜀𝑃𝑃, 𝜀𝜀𝑁𝑁, and 𝜀𝜀𝑅𝑅 are known, 
the (free) independent design variables sought in the optimization process are as fol-
lows: (i) nominal frequency f0, (ii) NS element value KN, and (iii) damping coefficients 
CN and CP.  

With the equations of motion Eq. (1) and the free design variables of the EKD es-
tablished, the objective is to obtain an optimal set of EKD parameters aiming to reduce 
the dynamic responses of the superstructure. Simultaneously, it is crucial to ensure that 
the maximum accelerations remain below a predetermined percentage of the peak 
ground acceleration (filter). Hence, the mechanism serves a dual purpose by aiming to 
reduce both floor drifts and floor absolute accelerations. The EKD design follows a 
constrained engineering criterion-driven optimization approach [24].  This approach 
considers the geometrical and constructional limitations, such as the NS stroke, im-
posed by the respective structural system, and retains the values of its individual com-
ponents within reasonable ranges. The Harmony Search (HS) algorithm, a novel me-
taheuristic algorithm, is utilized [44],to determine the optimum values of the design 
parameters KN, f0 and CN and CP , assuming that the additional mass mKD factors 𝜀𝜀𝑃𝑃, 𝜀𝜀𝑁𝑁, 
and 𝜀𝜀𝑅𝑅 are known. It is important to note that the optimal EKD set of parameters ob-
tained by the proposed optimization methodology corresponds to the specific initial 
structure, and thus no analytical formulations can be derived for the EKD design. 

Regarding the incorporation of parameters into the HS algorithm, a common ap-
proach involves adopting values frequently encountered in relevant literature, such as 
HMS=75, HMCR=0.5, and PAR=0.1. The optimization procedure uses an excitation 
input selected from a database of artificial accelerograms [24] designed to be spectrum-
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compatible with the EC8 (spectral acceleration 0.36 g, ground type C, spectrum type I, 
and importance class II). Fig. 4 illustrates a sample artificial accelerogram, and the gen-
erated spectrum, compared to the EC8. Based on the feasibility and technological con-
straints imposed in the analysis, appropriate ranges are attributed to both the design 
variables of the optimization problem, as well as to the yielded dynamic responses. 

  
(a) (b) 

Fig. 4. (a) Artificial accelerogram, and (b) mean acceleration spectrum compared to the EC8 

The EKD devices are optimized according to the optimization methodology pre-
sented previously with the artificial accelerograms in order incorporate the EC8 provi-
sions in the design process. To confirm the effectiveness of the seismic retrofit strate-
gies and assess the dynamic behavior of the structures, a set of eight (8) real earthquake 
motions is utilized as input seismic excitation. These chosen records, sourced from the 
US, European, and Asian regions, encompass a diverse array of crucial seismic features, 
including Peak Ground Acceleration (PGA), magnitude (Mw), wide frequency spec-
trum, duration, and the count of notable acceleration cycles. Detailed information about 
the seismic characteristics of the selected excitations can be found in Table 1. 
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Table 1. Seismic characteristics of the selected real earthquake records 

No Earthquake Year Station 
Ground 
Motion 

Mw 
PGA 
(g)  

PGA/PGV 
(gsec/m) 

RJB 

(km) 
Dur5-75% 

(sec) 

1 Northridge 1994 N Hollywood Near fault 6.69 0.3087 1.4389 7.89 7.0 

2 L’Aquila 2009 V. Aterno Near fault 6.3 0.4018 1.2548 0.0 4.7 

3 Kocaeli 1999 Izmit Near fault 7.51 0.1651 0.7396 3.62 8.2 

4 Tabas 1978 Tabas Near fault 7.35 0.8540 0.8639 1.79 8.3 

5 Kobe 1995 Amagasaki Near fault 6.9 0.2758 0.8214 11.34 6.9 

6 Landers 1992 Joshua tree Near fault 7.28 0.2736 1.0125 11.03 21.7 

7 Duzce 1999 Lamont 1059 Near fault 7.14 0.1524 1.1844 4.17 10.4 

8 Friuli 1976 Tolmezzo Near fault 6.5 0.3571 1.5629 14.97 2.5 

4. Implementation of the EKD at the base level of the structure 

In this section, an EKD device is implemented at the base level of a multi-story building 
structure as a seismic protection/retrofitting measure, as illustrated in Fig. 5. This ap-
proach is straightforward, as the placement of the EKD is predetermined, and thus the 
optimization process is simplified. The EKD components are the stiffness elements and 
artificial dampers KN-CN and KP-CP. It is noted that no stiffness element is placed in 
parallel to the original stiffness of the structure. The superstructure is modeled as a 
lumped mass system, with uniform masses and stiffnesses for all floors (mF = 360 tn, 
kF = 650 MN/m). The structure represents a typical medium-sized building whose floor 
weights correspond to about 400 m2 of floor area, and the height of each story is as-
sumed 3.2 m.  Modal damping is considered, with a damping ratio of 2% for all modes. 

 
Fig. 5. Schematic representation of the EKD implemented at the base level of a multi-story 

structure, along with the lumped mass model of the superstructure 
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The structure nominal base frequency controlled with the EKD can be expressed as: 

The EKD introduces a negative stiffness element to the base level of the structure. 
The stability of the structure is ensured by properly selecting the stiffness elements of 
the EKD according to Eq. (4). However, to avoid significant alterations in the structural 
properties of the initial uncontrolled building and thus further ensure its stability, the 
nominal EKD frequency f0 is selected to vary in the range of: 

Thus, the number of design variables of this retrofit strategy are four and can be 
obtained following the optimization methodology presented previously. To better un-
derstand the EKD dynamic behavior, the damping ratios of the CN and CP are defined 
as: 

Three test cases are considered to examine the efficiency of the proposed retrofit 
strategy with the EKD: a 5-story, a 10-story, and a 15-story structure, representing low-
rise, mid-rise, and high-rise buildings, respectively. In Table 2, the optimized parame-
ters and the damping ratios of the artificial dampers of the EKD device are provided for 
all the examined test cases. The EKD mass implemented at the base of the structure is 
assumed 0.1% of the total structure mass. Finally, the variation foreseen in the values 
of the stiffness elements K𝑃𝑃, K𝑅𝑅, and K𝑁𝑁 is assumed 2, 2, and 5%, respectively. 

Table 2. Optimized parameters of EKD device implemented at the base level of the structure 

Test case 
f0 

(Hz) 
KN 

(MN/m) 
KP 

(MN/m) 
CN 

(kNs/m) 
ζN 

(%) 
CP 

(kNs/m) 
ζP 

(%) 
5-story 4.78 -92.8 130.1 4989.1 0.229 412.3 0.021 

10-story 4.91 -69.2 89.2 4994.6 0.2231 385.7 0.022 
15-story 5.11 -55.2 65.84 4781.6 0.2038 487.3 0.0208 

In Fig. 6, the dynamic responses of the controlled structures with the EKD at the 
base are presented for an EC8 spectrum-compatible artificial accelerogram, for all the 
examined test cases, and are compared to the uncontrolled structure (NC). The EKD 
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manages to significantly reduce the superstructure’s dynamic response (drifts and ab-
solute accelerations) for the low-rise structure, however, as the number of floor in-
creases, its performance diminishes. To assess the performance of the proposed seismic 
upgrade methodology, the EKD system is also subjected to 8 real earthquake records, 
provided in Table 1. Fig. 7 presents the maximum values of the dynamic responses of 
the EKD structure, compared to the NC one, in the form of bar charts. The floor drifts 
and absolute accelerations are significantly reduced in the case of the 5-story structure, 
and again it is observed that the EKD is less effective for more flexible structures. 

  
(a) 

  
(b) 

  
(c) 

Fig. 6. Comparative dynamic response results (time histories) of the controlled multi-story 
structures with EKD device at its base (left: top floor absolute acceleration atop, right: first floor 
drift 1st drift), compared to the NC, for an EC8-compatible artificial accelerogram. (a) 5-story, 

(b) 10-story, and (c) 15-story buildings 
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(a) 

  
(b) 

  
(c) 

Fig. 7. Comparative dynamic response results (maximum values) of the controlled multi-story 
structures with EKD device at its base (left: top floor absolute acceleration atop, right: first floor 
drift 1st drift), compared to the NC, for all the selected real earthquake records. (a) 5-story, (b) 

10-story, and (c) 15-story buildings 
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5. Distribution of EKD devices along the height of the structure 

An alternative, and more computationally demanding seismic retrofit approach, is to 
distribute a number of EKD devices along the height of the multi-story building struc-
ture, enabling the control of higher modes. The retrofit elements of each EKD device 
are the stiffness and damping elements KN-CN and KP-CP. The total added mass is the 
same with the previous seismic protection approach, in order to have an equal compar-
ison basis for the numerical results. The multi-story structures to be controlled are mod-
eled as lumped mass systems and have the same properties as the ones presented in the 
previous retrofit strategy (Section 4). A schematic representation of this seismic up-
grade method is presented in Fig. 8, where an EKD device is implemented between two 
consecutive floors (j) and (j-1). 

 
Fig. 8. Implementation of a EKD device (number i) between two consecutive floors (j) and 

(j-1) of the multi-story building structure 

By introducing the EKD negative stiffness mechanism (device number i) between 
two consecutive floors (j) and (j-1), the equivalent stiffness of the (j) floor is modified, 
and can be expressed as follows:  

The proposed approach introduces negative stiffness elements distributed along the 
height of the structure, and thus, it is necessary to ensure the stability of each floor, and 
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as a result, the structures. For this reason, the equivalent nominal frequency of the (j) 
floor is selected to vary in the range: 

The number of free design variables per device is in this case also four (4), and the 
spatial allocation of the devices is set as a variable, ranging from the first up to the top 
floor of the building structure. As a result, each EKD device has five (5) design varia-
bles. The optimal design of the proposed retrofit strategy follows the optimization 
methodology presented in Section 3. The same three test cases are examined, in order 
to verify the effectiveness of this approach to low, mid, and high-rise buildings. In Ta-
ble 3, the optimal values of all EKD components, along with the optimum placement 
of the devices, are presented. It is noted that since the EKD devices are distributed along 
the height of the structure, large additional masses are undesirable, and thus, the sum 
of the EKD additional masses is 0.1% of the total superstructure mass. Finally, the var-
iation foreseen in the values of the negative stiffness elements (𝜀𝜀𝑁𝑁) is assumed 10%.  

Table 3. Optimized parameters and spatial allocation of the implemented EKD devices along 
the height of the building structure 

Test case 
#Device/ 

floor 
f0 

(Hz) 
KN 

(kN/m) 
KP 

(kN/m) 
CN 

(kNs/m) 
ζN 

(%) 
CP 

(kNs/m) 
ζP 

(%) 

5-story 
#1/floor 2 5.023 -81.55 113.2 4625.5 13.14 114.2 1.3 
#2/floor 1 5.435 -47.99 60.63 4124.1 12.14 381.5 2.1 
#3/floor 3 5.037 -74.01 99.43 3824.3 13.10 563 2.8 

10-story 
#1/floor 4 5.067 -62.71 80.39 4997.3 12.16 16.3 1.2 
#2/floor 5 4.983 -67.51 87.36 3824.5 10.3 427.1 2.8 
#3/floor 6 5.116 -79.74 111.82 4624.2 13.64 269.4 2.2 

15-story 
#1/floor 5 5.011 -65.86 84.95 4673.4 13.68 463.2 2.8 
#2/floor 6 4.97 -66.88 86.17 4173.9 11.75 389.4 2.3 
#3/floor 2 5.027 -65.79 85.04 3994.7 10.34 210.8 1.9 

Fig. 9 presents the time history responses of the controlled buildings with 3 EKD 
devices, distributed along the height of the building, for one artificial accelerogram, and 
are compared with the NC building. The proposed distributed approach effectively re-
duces the peak dynamic responses, in terms of drifts and absolute accelerations in all 
the examined test cases. The effectiveness of the distributed retrofit strategy is also 
verified with real earthquake records. In Fig. 10, the peak of the dynamic responses of 
the D-EKD and the NC structures are presented in the form of bar charts for all 8 ground 
motions presented in Table 1. The D-EKD manages to significantly reduce the seismic 
responses in the case of the low and mid-rise structures. It is worth noting that in the 
case of the high-rise structure, its dynamic behavior is also improved. 
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Fig. 9. Comparative dynamic response results (time histories) of the controlled multi-story 
structures with distributed EKD devices (left: top floor absolute acceleration atop, right: first 

floor drift 1st drift), compared to the IN, for an EC8-compatible artificial accelerogram. (a) 5-
story, (b) 10-story, and (c) 15-story buildings 
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(b) 

  
(c) 

Fig. 10. Comparative dynamic response results (maximum values) of the controlled multi-story 
structures with distributed EKD devices (left: top floor absolute acceleration atop, right: first 

floor drift 1st drift), compared to the IN, for all the selected real earthquake records. (a) 5-story, 
(b) 10-story, and (c) 15-story buildings 
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6. Conclusions 

This paper investigates the performance of multi-story building structures that incor-
porate novel negative stiffness-based vibration absorbers (EKD), as seismic retrofitting 
measures. Three test cases of multi-story buildings are thoroughly investigated, repre-
senting low, mid and high-rise structures. Two distinct retrofit approaches are investi-
gated, with the primary objective to provide insights into the effectiveness of each strat-
egy based on the structure's height and number of stories, providing a comprehensive 
evaluation of the pros and cons of each option. 

More specifically, the first approach presents the implementation of the EKD mech-
anism at the base of the structures. The design of this configuration is straightforward, 
significantly simplifying the optimization process of the employed device. As an alter-
native, a more computationally demanding seismic retrofit approach, is to distribute a 
number of EKD devices along the height of the multi-story building structure, enabling 
the control of higher modes. 

The optimal parameters of the retrofit strategies are obtained following a constrained 
engineering-criteria driven optimization approach. In addition, the design process fol-
lows the provisions of the EC8 by selecting the excitation input from a database of EC8 
spectrum-compatible artificial accelerograms. The performance of the controlled struc-
tures is finally assessed with real strong ground motions. Based on the dynamic analysis 
and the numerical results obtained, the following key concluding remarks may be sum-
marized as follows: 

i. The design of the EKD devices in both approaches is realistic, as it is based on 
a constrained optimization approach with proper constraints and limitations in 
the structural dynamic responses and EKD components values 

ii. The stability of the system is ensured, as the design foresees simultaneous vari-
ation in the values of all stiffness elements, including the one with negative con-
stant, and avoids significant alterations in the structural properties 

iii. The retrofit strategy with the EKD implemented at the base of the structure man-
ages to significantly reduce the peak responses of the low-rise building. How-
ever, this approach has proven to be less effective for flexible structures 

iv. The distribution of EKD devices along the height of the multi-story buildings 
significantly improves the seismic responses of the superstructure in the case of 
the low and mid-rise structures. It is also worth noting that in the case of the 
high-rise structure, the dynamic behavior is notably improved 
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Abstract. An approximate method to assess the seismic capacity of existing RC 
buildings is demonstrated, which is applied to the methodology of the Second-
level pre-earthquake inspection according to its recent first revision (2022). This 
method is validated by comparing the obtained results with the ones of a non-
linear static analysis. In particular, the following points are being examined: (a) 
the effect of masonry infill walls on the seismic resistance of the building and its 
failure index, taking into account their construction detailing, (b) the effect of 
unknown information regarding steel reinforcement amounts and (c) the differ-
ence in results when the prior to the revision methodology is applied (version of 
2018). The results obtained from the examination, show that the values of the 
failure indices of a building, for the case of known amounts of reinforcement, 
provided by the Second-level pre-earthquake inspection, were in great conver-
gence with the corresponding ones in terms of acceleration obtained by the non-
linear static analysis, for reasonable geometry and location of openings on infill 
walls. When the maximum failure index of the column elements was considered 
as the main failure index for the non-linear static analysis, differences in results 
were observed in some cases. 

Keywords: Second-level pre-earthquake inspection, Approximate method, Pre-
liminary seismic analysis, Non-linear static analysis, Building assessment, Re-
inforced concrete 

1. Introduction 

For a country like Greece, which faces frequent and often intense earthquake events, 
it is of great importance for a comprehensive framework of regulations to apply when 
assessing the seismic capacity of existing buildings before or after a seismic event or 
other severe destructive causes [9]. This necessity becomes more obvious considering 
the fact that most of the existing buildings in Greece were constructed before 1984, 
when the National Earthquake Codes were updated. Therefore, not only are they de-
signed based on older regulations or even with a very low level of seismic design, but 
in the majority of them, they have already exceeded the intended life span, equal to 50 
years for ordinary structures [8]. 



73 Technical Annals Vol 1 No.6 (2024)  

 

The assessment of the seismic capacity of an existing structure is a complex and 
time-consuming process, especially when there are no reliable data on the design and 
reinforcement amounts and details of the RC structural members as well as the strength 
of the materials used [11]. Besides, it is important to have a way of prioritizing struc-
tures with an, even approximate, assessment of their seismic vulnerability [2]. 

There are several techniques developed for the damage detection and assessment of 
existing structures as well as for its structural control. Structural Health Monitoring 
(SHM) enables for the real-time and early detection, localization and evaluation of dam-
age points or structural degradation, with its non-destructive character and proven ac-
curacy, making it suitable for the assessment and control of various types of structures 
[1]. Active, passive or hybrid control techniques are designed to improve the perfor-
mance and stability of structures subjected to earthquake excitation, altering their dy-
namic response by applying direct or indirect control forces [10]. When combined with 
advanced sensing and data acquisition systems they can be valuable for assessment 
purposes, giving real-time information. Destructive testing techniques are often neces-
sary to gain insight on the structure’s material properties and failure mechanisms, 
whereas, numerical modeling and simulations is the most common method to accu-
rately predict damage patterns and progression under various load scenarios. 

The seismic assessment is structured into several levels, to avoid time-consuming 
and often high-cost advanced analysis methods for all potentially vulnerable structures 
and to allow for a way to prioritize the structures, by classifying them according to their 
structural vulnerability. The first level refers to a preliminary evaluation of the seismic 
safety of a building and the determination of those who are in need of a more detailed 
examination [1]. The Rapid Visual Screening (RVS) procedure as defined in the FEMA 
P-154 Report, is such a first level methodology, developed to identify potential seismic 
hazard and to classify the structures into those with acceptable expected seismic per-
formance and those that need to be further investigated [7]. 

Similarly, the second-level pre-earthquake inspection [5-6] that is applied in the cur-
rent study, was created specifically for this reason. For existing RC structures, an ap-
proximate estimation of their failure index is used as the main criterion, based on the 
seismic demand, as defined in current assessment provisions. The proposed methodol-
ogy includes a series of approximate calculations, that can provide the failure index of 
the structure, without the need to create a detailed numerical model or to use a specific 
analysis software. It is possible, in fact, for this methodology to be applied, but with 
less reliability, for the case where there are insufficient data on the structure’s reinforce-
ment amount and details as well as the material properties. 

In order to validate the reliability of the proposed method of the Second-level pre-
earthquake inspection, in this current work, a comparison is made between the results 
of this method and the corresponding results of a non-linear static analysis. The com-
parison is made using the revised version of the Second-level pre-earthquake inspection 
[5] and in particular for the following points: 
 The effect of the masonry infill walls 
 The lack of sufficient information on the reinforcement amounts and details of 

column elements 
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It is noted that in this aforementioned revision of the Second-level pre-earthquake 
inspection regulation (v.2022) [5], the main points that differentiate it from the pre-
revised version (v.2018) are the following: 
 The addition of the contribution of infill walls to the seismic resistance of the 

structure 
 The use of higher values for the behavior factor q 

2. Description of the case study RC buildings 

Both of the structures that are being examilned consist of frame RC load-bearing 
structural system and were built before 1984. The first structure has a symmetrical rec-
tangular floor-plan (building A) and the second one is non-symmetrical Γ-shaped 
(building Γ) with structural floor-plans as shown in Fig.1. Both buildings are three-
storey with a floor height of 3.00m and accessible roof. In order to examine the effect 
of masonry infill walls, different conditions of their participation are considered. More 
specifically, they are being categorized according to the quality of their construction 
detailing and wedging and the existence or not of openings on them. The presence of 
openings is considered for the case that their size and location reduce the contribution 
of the infill walls in earthquake resistance to 50%. Table 1 and 2 briefly present the 
cases to be further examined. 

Table 1. Different cases of structural systems and masonry infill walls contribution 

Building 
Α 

Building 
Γ Description of case study RC buildings  

Α𝑛𝑛 Γ𝑛𝑛 Reference buildings without taking into account the contri-
bution of masonry infill walls 

Α1 Γ1 Buildings considering presence and contribution of  
masonry infill walls in all levels without openings 

Α0 Γ0 Buildings considering presence and contribution of 
masonry infill walls in all levels with openings 
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(α) 

(b) 

Fig. 1. Structural floor-plans of the two buildings A (a) and Γ (b) 
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Table 2. Different categories of masonry infill walls 

Building Α Description of case study RC buildings  

Inf.Wall.1 Good construction detailing and wedging of masonry infill walls  
without considering the presence of openings 

Inf.Wall.2 Good construction detailing and wedging of infill walls  
considering the presence of openings 

Inf.Wall.3 Poor construction detailing and wedging of masonry infill walls  
without considering the presence of openings 

Inf.Wall.4 Poor construction detailing and wedging of infill walls  
considering the presence of openings 

2.1 Reinforcement amount and details, Loads and Design Spectrum 

The columns located on the perimeter of the building have a cross-section of 
35x35cm and the one located at the center has a cross-section of 40x40cm. External 
beam elements have a cross-section of 25/55 and have 4Φ16 bottom reinforcement at 
mid-span from which 2Φ16 are bent at the supports. Internal beam elements have a 
cross-section of 25/60 and have 4Φ20 bottom reinforcement at mid-span from which 
2Φ20 are bent at the supports. All beam elements have 2Φ8 top reinforcement which 
does not participate in moment resistance at the supports, due to insufficient anchorage 
length. Columns located on the perimeter are reinforced with 4Φ20 at the corners and 
the one located at the center of the building is reinforced with 4Φ20 at the corners and 
4Φ14 (1Φ14 in the middle of each side). Ties are rectangular Φ8/20 in all column ele-
ments and Φ8/25 in all beam elements with adequate anchorage. The thickness of the 
slabs is taken equal to 16cm. 

Material properties are considered as follows assuming Data Reliability Level 
(DRL) to be “Sufficient” [4]: the average value for the compressive strength of concrete 
is considered 18 MPa and characteristic value 14 MPa, whereas the corresponding val-
ues of the tensile strength of reinforcement bars and ties are 460 MPa and 400 MPa 
respectively. The dead loads (G) of the structure include the self-weight of the RC ele-
ments (25 kN/m3), the floor toppings (1.3 kN/m2) and the outer and inner masonry 
walls (3.6 kN/m2 and 2.0 kN/m2 respectively). The live loads (Q) include the ones in 
the floors and roof (2.0 kN/m2). Axial loads at the base of the ground floor columns 
were calculated by considering the effective slab areas for each column, dividing the 
slabs in triangular and trapezoidal subareas, for the G + 0.3Q loading combination. 

The seismic loads (E) were calculated in accordance with the EC8 design spectrum 
[3], with a ground acceleration equal to ag =  0.24g, (where 𝑔𝑔 denotes the acceleration 
due to gravity, 9.81 m/sec2), soil type B (medium dense sand or stiff clay) and seismic 
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zone II. For the Second-level pre-earthquake inspection the soil index is taken equal to 
1.00 and the design spectrum is used with behavior factor q equal to 2.00. For the non-
linear static analysis the elastic spectrum is used and the soil index is considered equal 
to 1.20. 

 
Fig. 2. Elastic spectrum 

2.2 Dynamic characteristics 

When applying the methodology of the Second-level pre-earthquake inspection, the 
period T of the building was determined according to the approximate equation from 
the Greek Code of Structural Interventions - KANEPE [4] as following: 

T = Ct H0.9 (1) 

where Ct is equal to 0,052 and H is the height of the building equal to 9.90 m. 
When conducting the non-linear static analysis, the period T was determined based 

on the direction and distribution of the seismic loading and the structural properties of 
the structures. Table 3 presents the results that were obtained by the two methods. 

Table 3. Empirical and analytical periods T 

 Second-level 
pre-earthquake inspection 

Non-linear static analysis 

Α Γ 

No infill walls 0.41 1.36 1.32 

Inf.Wall.1 0.41 0.61 0.58 

Inf.Wall.2 0.41 0.71 0.75 

Inf.Wall.3 0.41 0.72 0.68 

Inf.Wall.4 0.41 1.06 0.78 
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It is worth mentioning that the period T obtained by the approximate equation from 
KANEPE [4], is equal for both structures with values much smaller than those resulting 
from the non-linear static analysis. In the analysis, periods in all cases correspond to 
values higher than Tc =  0.50s, i.e. they are in the descending branch of the spectrum. 
Consequently, a lower demand is expected compared to the one Second-level pre-earth-
quake inspection predicts, where period values correspond to the plateau of the spec-
trum (T < Tc) which means that the seismic demand will be higher. 

3. Application of the approximate method 

In the Second-level pre-earthquake inspection, the seismic demand, Vreq, is deter-
mined for each direction of the earthquake according to the design spectrum as follows: 

Vreq = M Sd(T) (2) 

where, M is the total mass of the structure and is calculated by the sum of the axial 
loads at the base of each column: 

M = Ntot/g (3) 

and  Sd(T) is the design spectrum acceleration at period T: 

 Sd(T) = ag S �
2.5
q
� (4) 

Analysis is performed for the “Significant Damage Performance” level (Level B) [4] 
and the behavior factor q is taken equal to 2.00 according to Table 4 of the methodology 
of the Second-level pre-earthquake inspection [5]. As observed, proposed values for 
the factor q, for structures built before 1984, are slightly higher than the corresponding 
ones proposed by the methodology of KANEPE (Table S4.4 [4]). 

Table 4. Proposed values of the behavior factor q for “performance level B – Severe damage” 
[5] according to the Second-level pre-earthquake inspection 
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For each earthquake direction, the value of the basic seismic resistance (VR0) of the 
members of the critical floor (generally the ground floor) is determined using the fol-
lowing Eq.5: 

VR0 = α1∑VRiRC col. + α2∑VRiRC walls + α3∑VRiRC short.col. + ∑VRiinfill walls (5) 

where for this particular case (frame structural system without RC walls and without 
short columns) the values are considered according to the proposed method as α1 =
 0.85 and α2  =  α3  =  0. 

According to the proposed methodology, the maximum shear force that elements can 
carry is determined by checking their failure mechanism (shear or flexural) as defined 
at Eq.6 in which VRd is the shear strength and VM is the flexural strength of the element. 
When data for reinforcement amounts are not available, the method is applied by as-
suming that VR,i = VRd. In this paper, results are given for both cases (Second-level 
pre-earthquake inspection with and without reinforcement information). 

VR,i = min (VRd, VM) (6) 

The value of the shear force VRd is determined using the equations from Appendix 
7C of KANEPE [4]. When no data for reinforcement amounts are available, values of 
μθ
pl and x, are being calculated in an approximate way. In this paper, according to the 

data presented in §2.1 the value μθ
pl = 2.5 was considered (Second-level pre-earthquake 

inspection [5]). The height of the compressive zone was taken equal to x = 0.35d 
which results from the approximate equation of the curvature adopted by KANEPE 
(Appendix 7A [4]) as follows: 

φy =
1.52  fy 

ES d
 (7) 

and the mechanics of materials equation: 

φy =
εS  

d − x
=

fy  
ES (d − x)

 (8) 

Resulting to: 

x = d −
d  

1.52
≅ 0.35 d (9) 

In order to examine the effect of the aforementioned estimations regarding x and μθ
pl, 

a comparison was made between the shear resistance values of the column elements 
and the corresponding results of the non-linear static analysis (with known data about 
reinforcement amounts and details). The results are presented in Table 5 and it is worth 
mentioning that their convergence is great. 
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Table 5. Shear resistance of RC columns – Approximate method and analysis 

Second-level pre-earthquake inspection 

COLUMNS 

BUILDING Α BUILDING Γ 
Reinf. data No reinf. data Reinf. data No reinf. data 

VR (KN) 
VR (KN) 
x = 0.35d, 
  μθ

pl = 2.5 
VR (KN) 

VR (KN) 
x = 0.35d, 
  μθ

pl = 2.5 
1 107.31 108.35 107.31 108.35 
2 126.11 133.52 126.50 134.32 
3 100.40 101.94 104.75 105.94 
4 126.22 133.76 126.70 134.73 
5 185.46 173.30 177.57 181.45 
6 122.10 126.27 98.06 99.84 
7 109.16 110.12 115.09 115.93 
8 127.11 135.58 108.05 109.06 
9 102.13 103.52 - - 

The shear resistance of the masonry infill walls VRiinfill walls is calculated by the fol-
lowing Eq.10: 

VRiinfill walls = 0.3 fwc,s  tw  bw  �
l
L
� (10) 

where fwc,s  is the compressive strength of the infill walls in the diagonal direction 
and can be obtained from Table 3 of Appendix D [6], whereas tw  bw  stands for the 
thickness and the effective width of the infill wall respectively. §7.4.1. describes how 
to take into account the contribution of infill walls in the resistance of the structure. 
Approximately, bw  can be considered as bw  ≈ L ∙ (fwv/fwc,s ), where fwv is the 
strength in diagonal cracking. 

The final seismic resistance, VR , is defined for each main direction by the following 
Eq.11: 

VR,x = βx × VR0,x ,  VR,y = βy × VR0,y (11) 

The reduction factor β is determined based on 13 criteria, each one of which partic-
ipates with a weight corresponding to its influence on reducing the seismic capacity of 
the structure and is evaluated with a value of 1 to 5, where 1 corresponds to the highest 
reduction. 

For the case of the two structures that are being examined on this paper, criterion 3 
(normalized axial load) was graded equal to β3 = 3 for both buildings Α and Γ. These 
values were obtained because in building Α, the maximum value of the axial load in a 
column element was 0.40 ≤ vdi = 0.402 < 0.50, whereas in building Γ, the average 
value of the normalized axial load of column elements was 0.25 ≤ vd = 0.275 < 0.35. 
Criterion 5 (the stiffness distribution in plan-torsion), for building Γ only, was graded 
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with β5 = 4, given the fact that the normalized eccentricity for x direction was εx =
0.14 > 0.05, which corresponds to grade 4 and for y direction was εy = 0.03 < 0.05, 
which corresponds to grade 5. In all other cases the criteria were graded with βi = 5. 
As a result of the above, values of the reduction factor for buildings A and Γ were βx =
βy = 0.98 and βx = 0.96, βy = 0.98 respectively. 

The failure index λ of the structure for each main direction x and y is calculated by 
the available seismic resistance and the seismic demand according to Eq.12 as follows: 

λx =
Vreq,x + 0.30Vreq,y

VR,x + 0.30VR,y
  ,  λy =

Vreq,y + 0.30Vreq,x

VR,y + 0.30VR,x
 (12) 

4. Application of the non-linear static analysis method 

A non-linear static analysis is also employed, in accordance with the provisions of 
KANEPE [4] for a “performance level Β”. 

In this paper, the failure indices of the buildings are being defined in two ways. In 
the first way, based on the minimum horizontal ground acceleration for which first fail-
ure occurs for an acceptable level performance B and for all possible loading combina-
tions. The failure index is calculated by the following Eq.13 as: 

λag =
ag,ref

αg
 (13) 

where ag,ref  is the reference horizontal ground acceleration, which in this case equals 
to 0.24g, with a probability of exceeding the seismic action of 10% in the structure’s 
intended life span, which equals to 50 years for ordinary structures. 

In the second way, through the maximum failure index of column elements for a 
“performance level Β1” and for all possible loading combinations. 

5. Results comparison 

5.1 Seismic Resistance obtained by Second-level pre-earthquake inspection 
and Non-linear static analysis 

Table 6 shows the results of the seismic resistance in terms of base shear force of the 
buildings examined in this paper. The results obtained by applying the methodology of 
Second-level pre-earthquake inspection are presented for both cases mentioned above, 
i.e. for the case that there are available data about reinforcement amounts of the column 
elements and for the case that they are not available. Regarding the non-linear static 
analysis, the value of the shear force presented on Table 6 is the maximum value ob-
tained by the capacity curve of the structure, which appears before or during the point 
when the structure reaches “performance level B”. 
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Table 6. Maximum Seismic Resistance. 

BUILDING Α 

 
Second-level pre-

earthq. Insp.– 
Reinf. data 

Second-level pre-
earthq. Insp.– 
No reinf. data 

Non-linear static  
analysis 

No Infill Walls 770.39 938.26 620.75 

Inf.Wall.1 1358.44 1523.31 930.22 

Inf.Wall.2 1064.42 1232.29 660.62 

Inf.Wall.3 987.02 1154.89 746.85 

Inf.Wall.4 878.70 1046.57 654.40 

BUILDING Γ 

 
Second-level pre-

earthq. Insp.– 
Reinf. data 

Second-level pre-
earthq. Insp.– 
No reinf. data 

Non-linear static  
analysis 

No Infill Walls 697.44 807.53 499.91 

Inf.Wall.1 1296.75 1382.87 884.71 

Inf.Wall.2 997.10 1095.20 614.47 

Inf.Wall.3 920.04 1021.23 697.11 

Inf.Wall.4 808.74 914.38 528.94 

In all cases examined, the failure mechanism determined by applying the Second-
level pre-earthquake inspection with known reinforcement data, was found to be flex-
ural, in full agreement with the analysis results for both buildings. Seismic resistance 
values obtained when the Second-level pre-earthquake inspection was applied without 
reinforcement data, were higher than those obtained when using reinforcement data. 
This is reasonable considering that, for this case, only the shear strength of the members 
is taken into account, as flexural failure, which was the critical one, is not being 
checked. 

Fig.3 presents the results of the seismic resistance of the buildings for good and poor 
construction detailing and wedging. It is important mentioning that, according to the 
provisions of Second-level pre-earthquake inspection, the contribution of infill walls to 
the total seismic resistance must not exceed 40% of the seismic resistance provided by 
the vertical structural members (i.e. RC columns, RC walls). In Fig.3 this is demon-
strated as “Limit 40%”. 
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(a)

(b) 

Fig. 3. Earthquake resistance obtained by Second-level pre-earthquake inspection (with and 
without considering reinforcement data) and Non-linear static analysis for good (a) and poor (b) 

construction detailing and weding of infill walls 

It is observed that in all buildings, the maximum seismic resistance (V) provided by 
the vertical structural elements as well as the contribution of the infill walls, as deter-
mined by the Second-level pre-earthquake inspection, always result to slightly higher 
values than the corresponding ones of the non-linear static analysis. For the case of 
good construction detailing and wedging of infill walls without openings, the contribu-
tion of infill walls was high, to the extent that it exceeded the maximum contribution 
limit set by the Second-level pre-earthquake inspection (40% of vertical elements re-
sistance). However, this case is not realistic and was considered only for the purpose of 
investigating the limits of the acceptable contribution of infill walls. 
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5.2 Failure indices obtained by Second-level pre-earthquake inspection and 
Non-linear static analysis 

Fig.4 and Fig.5 demonstrate the values of the failure indices obtained by the Second-
level pre-earthquake inspection [1] for both the cases that reinforcement data are avail-
able (𝛌𝛌𝚫𝚫) and not available (𝛌𝛌𝚫𝚫,𝐯𝐯), together with the corresponding values obtained by 
the non-linear static analysis. For this case, indices are determined in terms of base 
acceleration (𝛌𝛌𝐚𝐚𝐚𝐚) and in terms of maximum failure index (𝛌𝛌𝐦𝐦𝐚𝐚𝐦𝐦) for good and poor 
construction detailing and wedging of masonry infill walls. 

As can be observed in Fig.4 and Fig.5, failure indices λΔ are in very good conver-
gence with λag compared to the failure indices λmax of the columns. In fact, for the 
common cases of buildings with infill walls with openings, failure indices λΔwere in 
great convergence with the corresponding results of the non-linear static analysis for 
both buildings and for all the cases that were examined in this study. However, for λΔ,v 
lower values were obtained as expected, due to the higher value of the seismic re-
sistance that was calculated for this case (Table 6). 

 
Fig. 4. Failure indices obtained by Second-level pre-earthquake inspection and Non-linear 

static analysis for good construction detailing and wedging of infill walls 
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Fig. 5. Failure indices obtained by Second-level pre-earthquake inspection and Non-linear 

static analysis for poor construction detailing and wedging of infill walls 

In order to evaluate the effect on the results, of the changes made in the recently 
revised version of the Second-level pre-earthquake inspection, the values of the failure 
indices obtained by applying both versions of the provisions [5-6] are presented in Ta-
ble 7 together with the corresponding results from the non-linear static analysis. 

As can be observed, the values of the failure indices obtained by the methodology 
of the pre-revised version [6] are always quite higher than the corresponding ones ob-
tained by the methodology of the revised version [5], are independent of the presence 
of masonry infill walls and deviate more from the results of the non-linear static analy-
sis. The main reason for these differences is that in the pre-revised version [6]: (a) lower 
values are used for the behavior factor q (which for the cases examined is considered 
equal to 𝐪𝐪 = 𝟏𝟏.𝟕𝟕 instead of 𝐪𝐪 = 𝟐𝟐.𝟎𝟎 that is dictated by the revised version) and (b) the 
contribution of masonry infill walls to the seismic resistance of the structure is ignored. 
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Table 7. Failure indices λ 

Second-level pre-earthquake inspection 

  
v.2022 -  
Reinf. 
data 

v.2022 –  
Νο reinf. 

data 

v.2018 –  
Reinf. 
data 

v.2018 – 
Νο reinf. 

data 

BUILDING Α 

No Infill 
Walls 1.90 1.56 2.24 1.84 

Inf.W.1 1.08 0.96 2.24 1.84 

Inf.W.2 1.38 1.19 2.24 1.84 

Inf.W.3 1.48 1.27 2.24 1.84 

Inf.W.4 1.67 1.40 2.24 1.84 

BUILDING Γ 

No Infill 
Walls 1.76 1.46 2.07 1.72 

Inf.W.1 0.95 0.85 2.07 1.72 

Inf.W.2 1.23 1.08 2.07 1.72 

Inf.W.3 1.33 1.15 2.07 1.72 

Inf.W.4 1.52 1.29 2.07 1.72 

 

Non-linear Static Analysis 

 λmax  λag 

BUILDING Α 

No Infill Walls 2.30 1.61 

Inf.W.1 1.82 1.69 

Inf.W.2 1.37 1.26 

Inf.W.3 1.64 1.36 

Inf.W.4 1.37 1.18 

BUILDING Γ 

No Infill Walls 2.95 1.82 

Inf.W.1 1.67 1.73 

Inf.W.2 1.41 1.63 

Inf.W.3 1.60 1.76 

Inf.W.4 1.31 1.47 
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6. Conclusions 

In this present study, a comparison was made between the results of the approximate 
methodology described in the Second-level pre-earthquake inspection of RC buildings 
[5-6] and the corresponding ones obtained from a non-linear static analysis in order to 
validate the reliability of the approximate method. This method, because of its approx-
imate nature, simplifies the procedure of estimating the seismic capacity of an existing 
RC structure. This methodology was applied for both the cases where reinforcement 
data for the vertical structural elements are and are not available. Based on the results 
obtained from this study for both buildings and for all different cases the following 
conclusions can be drawn. It is out of the question that further research is needed to be 
conducted by testing different types of buildings so that solid and safe conclusions can 
be drawn for a wider range of structures: 
 The failure indices λ of the Second-level pre-earthquake inspection, when rein-

forcement data of columns are available, were in great convergence with the cor-
responding results in terms of base acceleration obtained by a non-linear static 
analysis for the cases where the infill walls had a reasonable size and location of 
openings. When the maximum column failure index was used as the main failure 
index of the non-linear analysis, case-by-case differences were observed. 

 When applying the methodology of the Second-level pre-earthquake inspection, a 
greater seismic demand is estimated compared to the one resulting from the non-
linear static analysis, due to the lower value of the period obtained by the empirical 
equation (Table 4), but also a relatively greater seismic resistance (Table 6). Thus, 
despite these discrepancies, the values of the failure indices λ obtained from both 
methods have eventually a good convergence. 

 The contribution of masonry infill walls to the seismic resistance of the buildings 
was in all cases higher than the one that was determined by the non-linear static 
analysis. The deviation was significant when infill walls were of high resistance 
and without openings. 

 In the buildings examined, the failure mechanism determined by the Second-level 
pre-earthquake inspection with available reinforcement data, was found to be flex-
ural for all RC columns, in full agreement with the results of the non-linear static 
analysis. When the Second-level pre-earthquake inspection was applied for the 
case that no reinforcement data were available, the failure indices were found to 
have lower values, but even in this case analysis results were approximated quite 
satisfactorily. 

 The results obtained by the Second-level pre-earthquake inspection according to 
its recent first revision (v.2022) [5] were in better convergence with the ones ob-
tained by the non-linear static analysis, compared to the results obtained when the 
pre-revised version was applied (v.2018) [6]. 
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Abstract. Pushover analysis is widely regarded as the most accurate method for 
determining the bearing capacity of existing structures. To achieve a realistic as-
sessment, it is essential to consider all possible failure modes. In many existing 
structures, joints are often designed with minimal or no transverse reinforcement, 
making joint failure more likely to occur before the failure of the connected mem-
bers. This study employs a well-known joint behavior simulation to examine this 
scenario. The pushover analysis is terminated upon detecting joint failure, as it 
signifies a brittle failure. Analyses are performed on typical frames using both 
conventional criteria and the proposed joint failure criteria. The results are pre-
sented, ranked, and discussed. 

Keywords: Beam-Column Joints, Design Criteria, Construction Joints 

1 Object of the research 

Experience from earthquakes in Greece and worldwide has demonstrated that one of 
the most critical safety issues for reinforced concrete structures under seismic stresses 
is the occurrence of failures in the joint areas of column beams. These joints experience 
the highest shear forces and moments transferred from the ends of beams and columns. 
The joints' response to these highly cyclic actions should ideally remain elastic, avoid-
ing any damage. However, if plastic deformation occurs, the joints must maintain their 
maximum strength during inelastic deformation cycles and absorb significant hysteretic 
energy. 

Non-linear static (pushover) analysis is used to estimate the magnitude of inelastic 
deformations that structural elements will undergo during seismic events. This paper 
presents an experimental investigation that includes cyclic loading results for two full-
scale 1:1 beam-column external joint specimens of medium ductility class, not in ac-
cordance with Eurocodes 2 and 8. The analytical part of the study examines the overall 
behavior of these experimental samples. Specifically, it evaluates an internationally 
recognized model from the literature for predicting the shear strength and failure modes 
of external joints. 
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The specimens are assessed using this model, particularly focusing on the collapse 
prevention framework established by Professor A.D. Tsonos. The paper aims to draw 
conclusions about the adequacy of construction joints and to determine whether well-
constructed older buildings, which show no visible damage, remain fit for their intended 
purpose. 

The geometry and the cross-section dimensions were common for all specimens for 
obvious comparison reasons; the total length of the column was 3.0 m and its cross 
section dimensions 350/250 mm whereas the length of the beam was 1.875 m and its 
cross section dimensions 350/250 mm. The reinforcing arrangements of all specimens 
are presented in Fig. 1. The compressive strength of the concrete used for the specimens 
was measured by supplementary compression tests of six standard D×h = 150×300 mm 
cylinders. The mean value at the age of 28 days was fc = 35,5 MPa. The steel of the 
longitudinal bars and the stirrups was S500 with yield tensile strength fy = 500 MPa. 

Specimen 1 
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Specimen 2 

 
Fig. 1. Geometrical characteristics of the specimens 1 and Specimen 2 

The beam in both Specimens 1 and 2 is reinforced with 4 bars of 12 mm diameter at 
the top and 4 bars of 12 mm diameter at the bottom (Fig. 1 and Table 1). The column 
reinforcement in Specimens 1 and 2 consists of 1Ø14 bars at the edges. In Specimen 2, 
there are also two pairs of X-type reinforcement bars 2Ø12 and two intermediate verti-
cal bars Ø12. The stirrups in both the beam and column are the same in both specimens, 
Ø8/10. Detailed reinforcement is shown in Fig. 1. 

The reinforcements of all specimens are presented in Fig. 1 and Table 1. 

Table 1. Reinforcements in the joints of the specimens 

Reinforcements Specimen 1 Specimen 2 

1 - - 
2 2Ø14 2Ø14 
3 4Ø12 4Ø12 
4 - 2Ø12 
5 - 2Ø12 
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2 Analytical models for behaviour predicting and failure modes 

2.1 Cross Section Analysis 

Next, an analysis of the cross-section of both the beam and the column is con-
ducted to determine the actual flexural strength at the yielding of the tensile reinforce-
ment. 

Here's the interpretation of each symbol: 
d: Effective depth of the section 
ξ: Neutral axis coefficient 
εc: Compressive strain in the concrete 
fy: Yield stress of the steel 
fcm: Compressive strength of concrete 
x: Distance from the extreme compression fiber to the neutral axis d: Effective depth 

of the section 
Fc: Compressive force in the concrete 
εs1: Strain in the first steel reinforcement 
εsy: Yield strain of the steel 
εs2: Strain in the second steel reinforcement 
Es: Modulus of elasticity of the steel 
σs1: Stress in the first steel reinforcement 
σs2: Stress in the second steel reinforcement 
ΣF: Sum of forces in the section 

Specimen 1 and Specimen 2 

BEAM 
4∅12 up1+down2 

Αs,prov = 4.524 cm2 
d = 0.316 m 

d1 = 0.034 m 
εc = −3.5 ‰ 
fy = 500 MPa 
𝑓𝑓𝑐𝑐𝑐𝑐=35.5 MPa 

xc (m) |Fc| 
(kN) εsi (‰) σsi (MPa) Fsi (kN) �𝐹𝐹 MRb 

(kN*m) 

0.033 236.54 1: 30.092 1: 500 1: 226.19 
0 66.80 

 2: 0.114 2: 22.88 2: 10.35 

Specimen 1 

COLUMN 
2∅14 up1+down2   

Αs,prov = 3.079 cm2 
Ν=-122.5 kN 
d = 0.315 m 

d1 = 0.035 m 
εc = −3.5 ‰ 
fy = 500 MPa 
fcm=35.5 MPa 

xc 
(m) 

|Fc| 
(kN) εsi (‰) σsi (MPa) Fsi (kN) � F − Ν MRc 

(kN*m) 

0.037 265.24 1: 26.363 1: 500 1: 153.94 

0 61.00 
 2: -0.182 2:-36.37 2:-11.20 
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Specimen 2 

COLUMN 
2∅14 left1+right2   2∅12 in the middle3 

Αs,prov =3.079 cm2 
Αs,prov =2.262 cm2 

Ν=-122.5 kN 
d = 0.315 m 
d1 = 0.035 m 
εc = −3.5 ‰ 
fy = 500 MPa 
fcm=35.5 MPa 

xc (m) |Fc| 
(kN) εsi (‰) σsi (MPa) Fsi (kN) � F − N 

MRC 

(kN*m) 
0.048 335.53 1: 20.107 1: 500 1: 153.94 

0 81.31 
 

2: 9.615 2: 500 2: 113.10 

3: -0.877 3: -175.40 3: -54 

2.2 Theoretical Model 

The model of the Professor of Antiseismic Structures of the Aristotle University of 
Thessaloniki, Alexandros Dimitrios Tsonos, focuses on the control and design of rein-
forced concrete beam-column joints. Using the model, the failure stress of the joint tult 
is calculated with great accuracy. When the applied shear stress in the joint is less than 
or equal to half the failure stress of the joint, τcal ≤ 0.5τult, then the joint in a strong 
earthquake will work in the elastic region safely driving the failure to the beam, where 
all the damage will concentrate leaving columns intact. In old buildings, the value of 
the proposed model is highlighted even more since it safely indicates which structural 
element (beam, column, joint) will cause failure initiation, and in general, it shows us 
the safe hierarchy of failures between these structural elements. 

2.3 Capacity Check 

Specimen 1 

∑ΜRC ≥ 1.3 ∗ ∑ΜRb  → 2 ∗ MRc ≥ 1.3 ∗ MRb  → 2 ∗ 61 ≥ 1.3 ∗ 66.80 → 122 ≥ 86.84, 
which is satisfied 

according to EN1998-1-§4.4.2.3. 

Since, ∑ΜRC ≥∑ΜRb   → 122 kN ∗ m > 66.80 kN ∗ m, it will be valid for DCM: 

• Finding Competent Design Shear Force of Beam 

Μ1d =  γRd ∗  MRb = 1 ∗ 66.80 = 66.80 kN ∗ m,

Vcapacity =  
M1d

lcl
=  

66.80
1.475

= 45.29 kN 

• Finding Competent Design Shear Force of Column 

Μ1d = Μ2d =  γRd ∗  MRc = 1.1 ∗ 2 ∗ 61 = 134.20 kN ∗ m 

Vcapacity =  
M1d

lcl
=  

134.20
2.50

= 53.68 kN 
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Specimen 2 

∑ΜRC ≥ 1.3 ∗ ∑ΜRb  → 2 ∗ MRc ≥ 1.3 ∗ MRb  → 2 ∗ 81.31 ≥ 1.3 ∗ 66.80 → 162.62 ≥
86.84,  which is satisfied according to EN1998-1-§4.4.2.3. 

Since, ∑ΜRC ≥∑ΜRb   → 162.62 kN ∗ m > 66.80 kN ∗ m, it will be valid for DCM: 

• Finding Competent Design Shear Force of Beam 

Μ1d =  γRd ∗  MRb = 1 ∗ 66.80 = 66.80 kN ∗ m, 

  Vcapacity =  
M1d

lcl
=  

66.80
1.475

= 45.29 kN 

• Finding Competent Design Shear Force of Column 

Μ1d = Μ2d =  γRd ∗  MRc = 1.1 ∗ 2 ∗ 81.31 = 178.882 kN ∗ m 

Vcapacity =  
M1d

lcl
=  

178.882
2.50

= 71.56 kN 

2.4 Application of Tsonos Model (2007-2019) 

Specimen 1 

Initially, the increased compressive strength of the concrete due to overtightening is 
calculated, using the model of Scott at al. (1982) 

ho = hc − 2 ∗ cnom − 2 ∗ ∅w/2 = 350 − 2 ∗ 20 − 2 ∗ 4 = 302 mm  

bo = bc − 2 ∗ cnom − 2 ∗ ∅w/2 = 250 − 2 ∗ 20 − 2 ∗ 4 = 202 mm  

ρs = 0, k = 1 +
ρs ∗ fyw

fc′
= 1, fc = k ∗ fc′ = 1 ∗ 35.5 = 35.5 MPa 

𝛼𝛼 =
hb
hc

=
350
350

= 1.0 

The system of equations (1), (2) and (3) is solved: 

x =
𝛼𝛼 ∙ 𝛾𝛾𝑢𝑢𝑢𝑢𝑢𝑢
2�𝑓𝑓𝑐𝑐

    (1),    ψ =
𝛼𝛼 ∙ 𝛾𝛾𝑢𝑢𝑢𝑢𝑢𝑢
2�𝑓𝑓𝑐𝑐

∙ �1 +
4
𝑎𝑎2

     (2),    x −ψ = −0.1   (3)  

resulting in: 

The failure deformation of the joint: γult = 0.96 
• The failure stress of the joint: 

τult = γult ∗ �fc = 0.96 ∗ √35.5 = 5.72 MPa 

Horizontal shear force at the external joint, when a flexural crack forms in the 
beam: 
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Vcal = 1.25 ∗ As1 ∗ fy − Vcol = 1.25 ∗ 4.52 ∗ 500 ∗ 10−1 − 29.89 =  252.61 kN 

Based on the geometry of the specimen, it follows that, when the maximum shear force 
develops in the beam, then a shear force develops in the column is equal to: 

Vcol = VEd,max ∗  
l
h

= 45.29 ∗  
1.475 + �0.35

2 �
2.5

= 29.89 kN 

• The deformation in the joint, when the beam fails: 

γcal =
Vcal

hc ∗ bc ∗ �fc
=

252.61 ∗ 103

0.35 ∗ 0.25 ∗ √35.5 ∗ 106
=  0.485 

• The shear stress exerted on the joint, when the beam fails: 

τcal = γcal ∗ �fc = 0.485 ∗ √35.5 = 2.89 MPa 

Since, τcal < τult , the yielding of the beam will be preceded. 

SPECIMEN 2 

ρs = Asw ∗
2bo  +  2ho
bo ∗  ho  ∗  s

= 4.524 ∗
2 ∗ 20.2 +  2 ∗ 30.2

20.2 ∗  30.2 ∗  35
= 0.0214  

 k = 1 +
ρs ∗ fyw

fc′
= 1 +

0.0214 ∗ 500
35.5

= 1.3 , fc = k ∗ fc′ = 46.2 MPa,

𝛼𝛼 =
hb
hc

= 1.0 

The system of equations (1), (2) and (3) is solved. Resulting in: 

• The failure deformation of the joint: γult = 1.1 
• The failure stress of the joint: 

τult = γult ∗ �fc = 1.1 ∗ √46.2 = 7.48 MPa 

• Horizontal shear force at the external joint, when a flexural crack forms in the 
beam: 

Vcal = 1.25 ∗ As1 ∗ fy − Vcol = 1.25 ∗ 4.52 ∗ 500 ∗ 10−1 − 47.23 =  235.27 kN 

Where, 

 Vcol = Vcapacity ∗
l
h

= 71.56 ∗  
1.475+�0.35

2 �

2.5
= 47.23 kN 

The deformation in the joint, where the beam fails: 

γcal =
Vcal

hc ∗ bc ∗ �fc
=

235.27 ∗ 103

0.35 ∗ 0.25 ∗ √46.2 ∗ 106
=  0.4 
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The shear stress exerted on the joint, when the beam fails: 

τcal = γcal ∗ �fc = 0.4 ∗ √46.2 = 2.7 MPa 

Since τcal < τult , the yielding of the beam will be preceded. 

3 Experimental program 

3.1 Experimental Layout 

Test rig and setup along with the instrumentation details are shown in Fig. 2. Each 
beam-column specimen is rotated 90o, so that the beam is in the vertical direction and 
the column in the horizontal direction. Supporting devices that allow rotation are used 
to simulate the inflection points in the middle of the column height in a real laterally 
loaded frame. 

Column compressive axial load Nc equal to Nc=0.05Acfc was constantly applied dur-
ing the experimental procedure in all specimens. The value of the column axial load 
was controlled to remain constant during the loading procedure at the level of Nc=150 
kN for all specimens. Although the influence of a variation of axial load values is not 
examined in this study, the effect of high axial load on the shear capacity of beam–
column joints can be considered as favourable. On the other hand, varying the axial 
load during the test can lead to low level of axial load in some steps of the test, which 
would tend to emphasize a weak column–strong beam hierarchy. This could lead to a 
possibility of a predominant flexural behaviour due to column hinging. 

 

Fig. 2. Experimental layout 



97 Technical Annals Vol 1 No.6 (2024) 
  

 

3.2 Load History 

All specimens were subjected to the same loading sequence. They were subjected to 
full cyclic deformation imposed near the free and of the beam which as it can be ob-
served in the test setup is in the vertical direction (Fig. 2). The moment arm for the 
applied load is equal to 1.475m. 

Tested specimens suffered seven loading steps with maximum displacements equal to 
±8.5mm, ±12.75mm, ±17.0mm, ±25.5mm, ±34.0mm, ±51.0mm and ±68.0mm at each 
step, respectively. Each of the seven loading steps included three full loading cycles; 
thus the loading sequence was performed the way it is shown in Fig. 3. All beam-col-
umn joints were subjected to full-cycle deformations. The specimens were subjected to 
an eight-step loading history. Each loading step consists of three full loading cycles. 

 
Fig. 3. Loading sequence. Eight loading steps and each step includes three full loading cycles 

To effectively use results from quasi-static cyclic loading tests on reinforced concrete struc-
tural elements for overall performance evaluation, it is crucial to establish a loading history that 
encompasses both the critical capacity issues of the element and the seismic demands. In inelastic 
seismic scenarios, capacity and demands are interdependent, with each potentially influencing 
the other. Key seismic capacity parameters for a structural element include strength, stiffness, 
inelastic deformation capacity (ductility), and cumulative damage capacity, such as energy dis-
sipation. These parameters are expected to deteriorate with an increase in the number of damag-
ing cycles and the amplitude of the cycles. 

Every inelastic excursion results in cumulative damage to a structural element. The adopted 
loading program emphasizes a multi-cycle loading sequence, as repeated loading cycles can 
cause damage similar to that seen after moderate seismic events, which is a focus of this investi-
gation. Therefore, each loading step in the program includes three full loading cycles, and the 
entire program consists of steps with progressively increasing displacements (Fig. 3). The effects 
of loading sequence have not been thoroughly researched, and the sequence of large versus small 
excursions in a structural element during a severe earthquake does not follow a consistent pattern. 
The number of inelastic excursions increases as the period of the structural system decreases, 
with a particularly high rate of increase for short-period systems. 

It is important to recognize that seismic demands on structures depend on numerous variables, 
and a single loading history will always involve some compromise. However, a conservative 
loading program for most practical cases must be applied. Thus, the chosen loading program is a 
comprehensive cumulative damage testing approach that allows the determination of structural 
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performance parameters. These parameters, combined with a cumulative damage model, can be 
used to evaluate performance under various seismic excitations. 

3.3 Hysteretic Response Diagrams 

To understand some important details regarding the acquired experimental hysteretic 
response of the tested samples, Fig. 4a and 5a present the load versus slip curves for 
each loading step. Each step includes three loading cycles. The points where cracking 
initiated are marked on the diagrams for the first cycles of step 1 for both loading di-
rections (positive and negative). 

Furthermore, steel yielding due to the propagation of damage caused by the in-
creased applied load may also lead to more extensive damage during the initial cycles 
of steps 5, 6, and 7. 

As the imposed displacement on Specimens 1 and 2 increased (steps 5 and 6), it led 
to an increase in the crack width at the beam's initial section (damage concentration), 
while at step 7, cracks were also observed at the joint area. Although damage was con-
centrated in the beam area, cracks also appeared in the joint body. 

In Specimen 2, a better performance is observed in the joint area due to the contri-
bution of the X-type reinforcements. The plastic hinge is formed clearly in the beam, 
which is the desired outcome. Minimal cracking is observed in the joint area. 

The load-bearing capacity for both specimens remains approximately at the same 
level. Fig. 4b and 5b. 

 

 
(a) Hysteretic Response (b) Envelope curves of maximum loads at all cycles 

Fig. 4. Hysteretic response and load envelope of all cycles of Specimen 1 
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(a) Hysteretic Response (b) Envelope curves of maximum loads at all cycles 

Fig. 5. Hysteretic response and load envelope of all cycles of Specimen 2 

4 Conclusions 

In this work, the application of the Tsonos model to two specimens was rigorously 
analyzed and compared with the corresponding experimental results. The study aimed 
to evaluate the model's effectiveness in predicting the behavior of reinforced concrete 
beam-column joints, particularly under seismic loading conditions. The Tsonos model 
focuses on calculating key parameters such as joint failure stress and the stress at beam 
failure, which are critical for assessing the structural integrity and safety of such joints. 

The results of the analysis demonstrated that the Tsonos model could accurately pre-
dict the joint failure stress and the stress at beam failure. The model's predictions closely 
matched the observed experimental data, with only minor deviations. This high level 
of accuracy indicates that the model can effectively capture the complex interactions 
and stress distributions that occur within the joint during loading. 

A key finding from the study was that the yielding of the beam occurred prior to any 
significant failure at the joint. This observation is crucial because it suggests that the 
Tsonos model accurately predicts the sequence of failure events, which is essential for 
designing safe and reliable structures. Ensuring that beams yield before joints fail is a 
fundamental principle in structural design, as it allows for energy dissipation and pre-
vents catastrophic collapse. 

The study concluded that both the analytical calculations based on the Tsonos model 
and the experimental results were in excellent agreement. This alignment validates the 
Tsonos model as a reliable tool for predicting the performance of beam-column joints 
in reinforced concrete structures. The model's accuracy and reliability make it a valua-
ble asset for engineers seeking to design buildings that can withstand seismic forces 
without experiencing critical structural failures. 

However, it is important to note that the conclusions drawn from this study are pri-
marily qualitative. While the qualitative observations support the model's reliability, 
future work should focus on providing quantitative comparisons. This involves detailed 
explanations and discussions that relate the experimental results to the assumptions and 
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conditions of the analytical model, such as the specifics of the experimental setup and 
loading conditions. Providing such detailed quantitative analysis would further solidify 
the confidence in the Tsonos model and clarify its limitations and applicability in vari-
ous structural scenarios.n this work, the application of the Tsonos model to the two 
samples was examined and a comparison was made with the experimental results. In 
particular, applying Tsonos' theoretical model, the joint failure stress and the joint stress 
at beam failure are calculated with excellent accuracy. Based on these, it follows that 
the yielding of the beam will precede the joint. It is concluded that both calculations 
and experimental tests are in complete agreement. It thus proves that the "Tsonos 
model" is a reliable model for designing joints and preventing the collapse of reinforced 
concrete buildings. 
Specimen 1 

Specimen 2 

Fig. 6. Final state of damage to the beams of specimens 
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Abstract. In contemporary engineering practice, the investigation of the dynamic 
response of structures through time-history analysis requires the use of suites of 
acceleration ground motions. The paper studies the response of structures sub-
jected to a novel methodology for the generation of target spectrum compatible 
artificial accelerograms. Existing spectrum-based models are used for the ground 
motion generation, whereas hazard consistency is achieved by matching these 
records either to a design spectrum or to a ground motion model. The obtained 
suites are used for the non-linear response history analysis (NRHA) of a bench-
mark multi-degree-of-freedom structure. Two study examples are presented. In 
the first example the generated suite matches only a spectral mean and in the 
second example the suite matches both the target spectral mean and variability. 
The results indicate that using the generated ground motion suites for the target 
NRHAs produces results that are consistent with record selection algorithms, thus 
confirming the efficiency of the proposed methodology. 

Keywords: artificial accelerogram, non-linear dynamic analysis, non-station-
ary, spectrum-compatible, variability, ground motion model 

1 Introduction 

The increasing availability of powerful personal computers and advanced engineer-
ing software has facilitated the use of dynamic time-history analysis in everyday engi-
neering practice. This type of analysis is deemed the most realistic for assessing the 
seismic behavior of structures, especially when non-linear response is expected. Non-
linear response history analysis (NRHA) is influenced by multiple sources of uncer-
tainties stemming from the calibration of the non-linear structural model (e.g. material 
properties, design assumptions), as well as the modeling of the seismic excitation. The 
latter is recognized to have a significant effect on the seismic response of structures. 
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Accelerograms that model the input seismic motion for the NRHAs can be either 
previously recorded, synthetic or artificially generated. The most common practice fol-
lowed is the careful selection and scaling of recorded ground motion records from 
online databases; however, this approach still has limitations. Selected accelerograms 
are often recorded in other locations than the site of interest and correspond to different 
magnitude-distance scenarios and soil characteristics. Moreover, the scarcity of rec-
orded ground motions of earthquakes with large magnitudes at small epicentral dis-
tances can often confine the analysis, especially for high-limit states like collapse. As 
a result, the task of selecting and scaling earthquake records remains a highly contro-
versial issue in the literature [1], and various algorithms have been proposed [2–3] for 
addressing these challenges. 

The use of artificially generated acceleration time-histories provides a valid alterna-
tive to circumvent the issues linked with the selection of recorded ground motions and 
is also recommended by seismic codes [4]. Their main advantage is that they can be 
modeled to have the desired target features that are required within the framework of 
dynamic analysis. The use of artificial accelerograms in seismic simulations has found 
widespread applications in the field of structural engineering, ranging from Monte 
Carlo Simulation techniques [5], to stochastic dynamics simulations [6–7] for structural 
reliability assessment. Furthermore, practice-oriented probabilistic models that model 
the seismic demand based on specific values assumed by an intensity measure can also 
use artificial ground motions [8]. 

Seismic codes do not propose specific methods for the generation of artificial accel-
erograms; they only define some basic requirements related to their matching to the 
design code spectrum. For example, Eurocode 8 [4] mainly requires that the mean re-
sponse spectrum of the generated accelerograms should match the code’s elastic re-
sponse spectrum for 5% viscous damping. Therefore, engineers are focused on the tar-
get spectrum matching requirement and thus can choose from a wide range of proposed 
methods in the literature. 

Given the inherently stochastic nature of earthquakes, artificial ground motion time-
histories are typically generated as stochastic processes. The spectral representation 
method proposed by Shinozuka and Deodatis [9], is the most widespread method in the 
literature. The method simulates ground motion time-histories as a superposition of 
harmonic components with random phase angles. In this approach, the power spectral 
density (PSD) function is directly related to the amplitude of each harmonic, thus 
providing the basis for generating target spectrum-compatible accelerograms. As high-
lighted by Vanmarcke and Gasparini [10], spectrum compatibility can be achieved by 
matching the values of the PSD function of the ground motion to the response spectral 
values for a given damping ratio. 

The desired ground motion time-histories for NRHAs that are simulated using the 
PSD function are typically non-stationary both in amplitude and frequency. Several 
methods have been proposed in order to generate fully non-stationary accelerograms. 
One approach is the use of an evolutionary power spectral density (EPSD) function, i.e. 
a PSD function that varies in time [11]. This is typically achieved by introducing an 
envelope function that modifies a stationary accelerogram both in time and in frequency 
in order to simulate the characteristic behavior of natural accelerograms [12,13]. Other 
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approaches include using a real record as a seed [14,15]. For example, the method pro-
posed by Cacciola [15] produces fully non-stationary accelerograms as the superposi-
tion of two waveforms: a fully non-stationary counterpart modeled by a real accelero-
gram and a stationary process that is used to achieve spectrum compatibility. 

Seismic response assessment through the NRHA requires the use of suites of hazard-
consistent acceleration time-histories. Depending on the performance assessment type, 
hazard consistency may be achieved by matching the records either to a uniform hazard 
spectrum (UHS) which is typically a code spectrum [4], to a conditional mean spectrum 
(CMS) [16], or to a spectrum obtained from a ground motion model (GMM) ]. NIST 
[18] mentions three types of performance assessment: intensity-based, scenario-based, 
and risk-based. More specifically, intensity-based assessment focuses on the seismic 
response of a structure for a specified ground motion intensity, which is typically de-
fined as a 5% damped elastic spectral acceleration spectrum (e.g. a code spectrum). 
Scenario-based assessments compute the structural responses to user-specified seismic 
events that are defined by the earthquake magnitude and the distance of the source from 
the site of interest. The typical products of a scenario-based assessment are the average 
response of a structural parameter and the corresponding variability. Finally, risk-based 
assessments provide information on the response of a structure over a user-specified 
time period, involving multiple intensity-based assessments for the ground motion lev-
els of interest. 

Based on the objectives of the seismic performance assessment, there are cases 
where the input ground motions may match only a target mean response spectrum, 
while in other cases the variability of the response spectra should also be incorporated 
[18]. For example, in order to predict stable mean responses of structural parameters 
for a given intensity of shaking, matching ground motions to a target spectrum may be 
a suitable approach that enhances the confidence in the predictions of the mean struc-
tural responses for a given number of input ground motions. However, in applications 
where the prediction of both the mean value and variability of a structural parameter is 
required (e.g. estimation of collapse probabilities), the ground motions should be 
matched to a target spectral mean and the respective spectral variability. 

Jayaram et al. [2] in their paper proposed a new algorithm for selecting ground mo-
tions that match a target response spectrum mean and variance. Moreover, they applied 
their proposed methodology to conduct NRHAs on single-degree-of-freedom (SDOF) 
and multi-degree-of-freedom (MDOF) systems in order to assess the influence of the 
consideration of the response spectrum variance on the structural response. They con-
cluded that using ground motion suites that also match the target response spectrum 
variance increases the dispersion of the obtained structural responses. This dispersion, 
as observed in their analyses, impacts the distribution of structural responses, damage 
states, loss estimations, and the probability of structural collapse. 

The paper studies the application of suites of fully non-stationary artificial accelero-
grams that have a target spectral mean and variability in order to achieve hazard con-
sistency [12,19–21] on structural performance assessment. The model that is used first 
produces an ensemble of target spectra with a given mean and variability and then a 
methodology based on spectral representation method is used to generate the corre-
sponding fully non-stationary ground motions. The stochastic methodology is briefly 
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presented first, and it is followed by a numerical application where the NRHA of a 
benchmark multi-degree-of-freedom (MDOF) structure is carried out. The seismic haz-
ard is quantified with a GMM, and the impact of the spectrum variability matching on 
the structural response is assessed. 

2 Generation of Artificial Accelerograms 

A practical and computationally efficient methodology for the stochastic generation 
of suites of fully non-stationary artificial accelerograms that are compatible with a tar-
get spectral mean and a target variability [12,19–21] is employed. The artificial ground 
motion time histories are simulated as stochastic processes using existing spectrum-
based models [15]. The seismic hazard is defined by a target spectrum or a GMM. 
Therefore, given the seismic scenario (M, R) and the soil conditions, the target spectral 
mean and variability for each period are obtained. Based on those data, multiple target 
response spectra are generated as a random vector that follows the normal distribution. 
Artificial accelerograms whose response spectra individually match the produced spec-
tra are subsequently generated. The basis for generating spectrum-compatible acceler-
ograms relies on the relationship between the values of the power spectral density 
(PSD) function of the ground motion and the response spectral values for a given damp-
ing ratio [10,21]. Corrective iterations in the frequency domain are performed in order 
to achieve enhanced matching for controlling the variability. The methodology pro-
vides with suites of fully nonstationary artificial ground motion time histories that are 
compatible with a target spectral mean and a target variability, which then can be used 
to conduct NRHAs in structures. 

2.1 Target spectra generation 

The proposed methodology first produces a suite of target spectra 𝑆𝑆𝑎𝑎
∗,𝑗𝑗(𝑇𝑇𝑖𝑖 , 𝜁𝜁) that 

have a target spectral mean 𝑆𝑆𝑎𝑎∗(𝑇𝑇𝑖𝑖 , 𝜁𝜁) and variability 𝛽𝛽∗(𝑇𝑇𝑖𝑖 , 𝜁𝜁), where 𝜁𝜁 is the target 
spectrum’s damping ratio. In the case where a GMM is used for the analysis, the method 
relies on the empirically verified observation that the logarithmic spectral accelerations 
follow the normal distribution, characterized by a mean value and standard deviation 
[12,20]. Therefore, the target logarithmic spectral accelerations ln[𝑆𝑆𝑎𝑎

∗,𝑗𝑗(𝑇𝑇𝑖𝑖 , 𝜁𝜁)] at each 
period 𝑇𝑇𝑖𝑖  can be modeled as a normally distributed (Gaussian) random variable with 
mean ln[𝑆𝑆𝑎𝑎∗(𝑇𝑇𝑖𝑖 , 𝜁𝜁)] and standard deviation 𝜎𝜎ln(𝑆𝑆𝑎𝑎)

∗ (𝑇𝑇𝑖𝑖 , 𝜁𝜁): 

ln[𝑆𝑆𝑎𝑎
∗,𝑗𝑗(𝑇𝑇𝑖𝑖 , 𝜁𝜁)] = ln[𝑆𝑆𝑎𝑎∗(𝑇𝑇𝑖𝑖 , 𝜁𝜁)] + 𝑎𝑎𝑗𝑗𝜎𝜎ln(𝑆𝑆𝑎𝑎)

∗ (𝑇𝑇𝑖𝑖 , 𝜁𝜁) (1) 

where 1 ≤ 𝑗𝑗 ≤ 𝑛𝑛, 𝑛𝑛 is the total number of the generated accelerograms in a suite, 𝑎𝑎𝑗𝑗 
is a standard Gaussian random variable with mean value 𝜇𝜇𝛼𝛼 = 0 and standard deviation 
𝜎𝜎𝛼𝛼 = 1, and 𝑇𝑇𝑖𝑖  are period values of the response spectrum. The target mean in Eq. 1 is 
obtained from the GMM at the desired period range. The variability around the target 
spectrum is defined as the standard deviation of the natural logarithms of the spectral 
values given from the GMM, thus 𝛽𝛽∗(𝑇𝑇𝑖𝑖 , 𝜁𝜁) = 𝜎𝜎ln(𝑆𝑆𝑎𝑎)

∗ (𝑇𝑇𝑖𝑖 , 𝜁𝜁). It is noted that Eq. 1 con-
siders that the correlation 𝜌𝜌(𝛵𝛵𝑖𝑖 ,𝑇𝑇𝑗𝑗) between the spectral accelerations at different 
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periods is equal to 1, thus assuming a perfect direct correlation. Based on Eq. 1, for a 
suite containing 𝑛𝑛 accelerograms, each individual target response spectrum 𝑆𝑆𝑎𝑎

∗,𝑗𝑗(𝑇𝑇𝑖𝑖 , 𝜁𝜁), 
can be produced as: 

𝑆𝑆𝑎𝑎
∗,𝑗𝑗(𝑇𝑇𝑖𝑖 , 𝜁𝜁) = 𝑆𝑆𝑎𝑎∗(𝑇𝑇𝑖𝑖 , 𝜁𝜁)exp [𝑎𝑎𝑗𝑗𝛽𝛽∗(𝑇𝑇𝑖𝑖 , 𝜁𝜁)] (2) 

In the case of a smooth code spectrum [26], each of the suite’s accelerograms is 
generated compatible with a specific target response spectrum 𝑆𝑆𝑎𝑎

∗,𝑗𝑗(𝑇𝑇𝑖𝑖 , 𝜁𝜁) that is defined 
as: 

𝑆𝑆𝑎𝑎
∗,𝑗𝑗(𝑇𝑇𝑖𝑖 , 𝜁𝜁) = 𝑆𝑆𝑎𝑎∗(𝑇𝑇𝑖𝑖 , 𝜁𝜁) + 𝑎𝑎𝑗𝑗  𝜎𝜎𝑆𝑆𝑎𝑎

∗ (𝑇𝑇𝑖𝑖 , 𝜁𝜁)     (3) 

In this case, the variability around the target spectrum is defined as the coefficient 
of variation (CoV) for each period: 

𝛽𝛽∗(𝑇𝑇𝑖𝑖 , 𝜁𝜁) = 𝐶𝐶𝐶𝐶𝐶𝐶 =  
𝜎𝜎𝑆𝑆𝑎𝑎
∗ (𝑇𝑇𝑖𝑖 , 𝜁𝜁)
𝑆𝑆𝑎𝑎∗(𝑇𝑇𝑖𝑖 , 𝜁𝜁)

 (4) 

Next, 𝜎𝜎𝑆𝑆𝑎𝑎
∗ (𝑇𝑇𝑖𝑖 , 𝜁𝜁) is calculated as 𝜎𝜎𝑆𝑆𝑎𝑎

∗ (𝑇𝑇𝑖𝑖 , 𝜁𝜁) = 𝛽𝛽∗(𝑇𝑇𝑖𝑖 , 𝜁𝜁)𝑆𝑆𝑎𝑎∗(𝑇𝑇𝑖𝑖 , 𝜁𝜁), and Eq. (3) becomes: 

𝑆𝑆𝑎𝑎
∗,𝑗𝑗(𝑇𝑇𝑖𝑖 , 𝜁𝜁) = 𝑆𝑆𝑎𝑎∗(𝑇𝑇𝑖𝑖 , 𝜁𝜁)�1 + 𝑎𝑎𝑗𝑗𝛽𝛽∗(𝑇𝑇𝑖𝑖 , 𝜁𝜁)� > 0 (5) 

In order to ensure that the target spectrum 𝑆𝑆𝑎𝑎
∗,𝑗𝑗(𝑇𝑇𝑖𝑖 , 𝜁𝜁) will take no negative values, 

the value of �1 + 𝑎𝑎𝑗𝑗𝛽𝛽∗(𝑇𝑇𝑖𝑖 , 𝜁𝜁)� must be greater than zero. This results in the following 
limit for the values of 𝑎𝑎𝑗𝑗: 

𝑎𝑎𝑗𝑗 > −  
1

𝛽𝛽∗(𝑇𝑇𝑖𝑖 , 𝜁𝜁)
 (6) 

2.2 Generation of the Artificial Accelerograms 

The target spectrum compatible artificial accelerograms can be modeled using exist-
ing real earthquake ground motions as seed records. In this study, the Cacciola 2010 
[15] method was employed, which generates fully non-stationary, spectrum compatible 
accelerograms by superimposing a seed record 𝑎𝑎𝑅𝑅(𝑡𝑡) and a corrective term which is a 
quasi-stationary zero-mean Gaussian stochastic process, defined with the spectral rep-
resentation method [16]: 

𝑎𝑎𝑔𝑔(𝑡𝑡)   =  𝑎𝑎𝑠𝑠𝑐𝑐𝑎𝑎𝑅𝑅(𝑡𝑡) + 𝜑𝜑(𝑡𝑡) �𝐴𝐴𝑖𝑖(𝜔𝜔) cos(𝜔𝜔𝑖𝑖𝑡𝑡 + 𝜃𝜃𝑖𝑖)
𝑁𝑁

𝑖𝑖=1

 (7) 

In the first part of Eq. 7 𝑎𝑎𝑅𝑅(𝑡𝑡) is a recorded accelerogram used as a seed and 𝑎𝑎𝑠𝑠𝑐𝑐 is 
a scaling coefficient associating the target spectral acceleration  𝑆𝑆𝑎𝑎∗(𝜔𝜔𝑖𝑖 , 𝜁𝜁) with the rec-
orded accelerogram’s spectral acceleration 𝑆𝑆𝑎𝑎𝑅𝑅(𝜔𝜔𝑖𝑖 , 𝜁𝜁): 
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𝑎𝑎𝑠𝑠𝑐𝑐 = 𝑚𝑚𝑚𝑚𝑛𝑛 �
𝑆𝑆𝑎𝑎∗(𝜔𝜔𝑖𝑖 , 𝜁𝜁)
𝑆𝑆𝑎𝑎𝑅𝑅(𝜔𝜔𝑖𝑖 , 𝜁𝜁)� (8) 

Moreover, if 𝑎𝑎𝑠𝑠𝑐𝑐 > 1, then 𝑎𝑎𝑠𝑠𝑐𝑐 =1 is assumed instead [15]. In the second part of Eq. 
7, 𝜑𝜑(𝑡𝑡) is the time-modulating function, 𝑁𝑁 is the number of harmonics to be superim-
posed, 𝜔𝜔𝑖𝑖 is the angular frequency of the ith harmonic, 𝜃𝜃𝑖𝑖 are random phase angles uni-
formly distributed over the interval [0, 2π], and 𝐴𝐴𝑖𝑖(𝜔𝜔) are the amplitudes, related to the 
one-sided PSD function of the stochastic process 𝐺𝐺(𝜔𝜔𝑖𝑖) at each frequency 𝜔𝜔𝑖𝑖 as: 

𝐴𝐴𝑖𝑖(𝜔𝜔) = �2𝐺𝐺(𝜔𝜔𝑖𝑖)𝛥𝛥𝜔𝜔 (9) 

where 𝛥𝛥𝜔𝜔 is the constant integration step. Spectrum compatibility is achieved by the 
computation of the one-sided PSD function 𝐺𝐺(𝜔𝜔𝑖𝑖) [15]: 

𝐺𝐺(𝜔𝜔𝑖𝑖) =

⎩
⎪⎪
⎨

⎪⎪
⎧ 4𝜁𝜁
𝜔𝜔𝑖𝑖𝜋𝜋 − 4𝜁𝜁𝜔𝜔𝑖𝑖−1

𝑈𝑈 �
𝑆𝑆𝑎𝑎∗2(𝜔𝜔𝑖𝑖, 𝜁𝜁) − �𝑎𝑎𝑠𝑠𝑐𝑐𝑆𝑆𝑎𝑎𝑅𝑅(𝜔𝜔𝑖𝑖, 𝜁𝜁)�

2)
𝜂𝜂𝑋𝑋𝑖𝑖
2 (𝜔𝜔𝑖𝑖, 𝜁𝜁) − 𝛥𝛥𝜔𝜔�𝐺𝐺(𝜔𝜔𝑘𝑘)

𝑖𝑖−1

𝑘𝑘=1

�×                                                          

× �
𝑆𝑆𝑎𝑎2(𝜔𝜔𝑖𝑖, 𝜁𝜁)− �𝑎𝑎𝑠𝑠𝑐𝑐𝑆𝑆𝑎𝑎𝑅𝑅(𝜔𝜔𝑖𝑖, 𝜁𝜁)�

2)
𝜂𝜂𝑋𝑋𝑖𝑖
2 (𝜔𝜔𝑖𝑖, 𝜁𝜁) − 𝛥𝛥𝜔𝜔�𝐺𝐺(𝜔𝜔𝑘𝑘)

𝑖𝑖−1

𝑘𝑘=1

� ,                  𝜔𝜔𝜊𝜊 ≤ 𝜔𝜔𝑖𝑖 ≤ 𝜔𝜔𝑢𝑢 
 

0,                                                                                                              0 ≤ 𝜔𝜔𝑖𝑖 < 𝜔𝜔𝜊𝜊 

 

where 𝑈𝑈(∙) is the unit step function that is used to avoid negative solutions, 𝜔𝜔𝑢𝑢 is an 
upper cut-off frequency, 𝜔𝜔𝜊𝜊 = 0.36 rad/s is the lowest frequency bound for 𝜂𝜂𝑋𝑋𝑖𝑖 to exist 
[21], and 𝜂𝜂𝑋𝑋𝑖𝑖 is the peak factor, which can be approximated with reference to a white 
noise input [21] as: 

𝜂𝜂𝑋𝑋𝑖𝑖(𝜔𝜔𝑖𝑖 , 𝜁𝜁) = �2 ln �𝑇𝑇𝑠𝑠
𝜋𝜋
𝜔𝜔𝑖𝑖 �−ln 1

2
�
−1
�1 − exp �−𝛿𝛿𝑋𝑋𝑖𝑖

1.2�𝜋𝜋 ln �𝑇𝑇𝑠𝑠
𝜋𝜋
𝜔𝜔𝑖𝑖 �−𝑙𝑙𝑛𝑛

1
2
�
−1
���� (11) 

where 𝑇𝑇𝑠𝑠 is the duration of the stationary accelerogram, the mean zero crossing rate 
𝑁𝑁𝑋𝑋𝑖𝑖 is included in the equation, and the spread factor  𝛿𝛿𝑋𝑋𝑖𝑖 is approximated as: 

𝛿𝛿𝑋𝑋𝑖𝑖 = �1 −
1

1 − 𝜁𝜁2
�1 −

2
𝜋𝜋

 arctan�
𝜁𝜁

�1 − 𝜁𝜁2
��

2

   (12) 

Finally, regarding 𝜑𝜑(𝑡𝑡), the time modulating function proposed by Jennings et al. 
[22] has been adopted: 

𝜑𝜑(𝑡𝑡) =  

⎩
⎪
⎨

⎪
⎧                              �

𝑡𝑡
𝑡𝑡1
�
2

,                              𝑡𝑡 < 𝑡𝑡1
                                

                                      1,                              𝑡𝑡1 ≤  𝑡𝑡 ≤ 𝑡𝑡2               

               exp �−
3

𝑡𝑡𝑓𝑓 − 𝑡𝑡2
(𝑡𝑡 − 𝑡𝑡2)� ,              𝑡𝑡 > 𝑡𝑡2

 (13) 

where 𝑡𝑡𝑓𝑓 is the total duration of the accelerogram. The time points 𝑡𝑡1 and 𝑡𝑡2 define 
the strong motion duration of the generated record and they can be obtained from the 
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Husid function (𝐻𝐻(𝑡𝑡)) of a real recorded accelerogram (Fig. 1) as 𝐻𝐻(𝑡𝑡1) = 5% and 
𝐻𝐻(𝑡𝑡2) = 95% respectively (Fig. 2(a)). Alternatively, default values can be used instead 
[27]. In this frame, 𝑇𝑇𝑠𝑠 is the duration of the strong motion, calculated as 𝑇𝑇𝑠𝑠 = 𝑡𝑡2 − 𝑡𝑡1. 
Note that 𝑇𝑇𝑠𝑠 signifies the constant amplitude region on the envelope function 𝜑𝜑(𝑡𝑡) (Fig. 
2(b)). 

 

Fig. 1. A seed record accelerogram: El Centro earthquake (Imperial Valley, 1940, N-S com-
ponent). The total duration of the accelerogram is 𝑡𝑡𝑓𝑓 = 30 𝑠𝑠 and the strong motion duration 

is 𝑇𝑇𝑠𝑠 = 𝑡𝑡2 − 𝑡𝑡1= 25.48s – 1.64 s = 23.84 s 

 

Fig. 2. (a) Husid plot of the El Centro recorded accelerogram of Fig.1, (b) the time modulat-
ing function of Eq. 13 obtained from the Husid plot of Fig. 2(a). 

2.3 Record Correction 

Artificial accelerogram generation methods usually require corrective iterations in 
the frequency domain in order to achieve good matching between the generated accel-
erogram’s spectrum and the target spectrum. The most common corrective iteration 
method applied in the literature [e.g. in 15] utilizes the PSD function: 

𝐺𝐺(𝜔𝜔𝑖𝑖)(𝑘𝑘+1) = 𝐺𝐺(𝜔𝜔𝑖𝑖)(𝑘𝑘) � 
𝑆𝑆𝑎𝑎∗(𝜔𝜔𝑖𝑖 , 𝜁𝜁)

𝑆𝑆𝑎𝑎
(𝑘𝑘)(𝜔𝜔𝑖𝑖 , 𝜁𝜁)

�
2

 (14) 

where 𝑆𝑆𝑎𝑎
(𝑘𝑘)(𝜔𝜔𝑖𝑖 , 𝜁𝜁) is the generated accelerograms’ mean response spectrum deter-

mined at the kth iteration. In the proposed model, however, in order to control the vari-
ability of the analysis, the corrective iterations are applied in each of the generated 
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accelerograms spectrum 𝑆𝑆𝑎𝑎
𝑗𝑗(𝜔𝜔𝑖𝑖 , 𝜁𝜁) individually, with their respective target spectrum 

𝑆𝑆𝑎𝑎
∗,𝑗𝑗(𝜔𝜔𝑖𝑖 , 𝜁𝜁). Moreover, it is essential that the spectrum matching should be perfect, as it 

was observed that insufficient matching would result in significant differences between 
the target and the analysis variability. Corrective iterations with the aforementioned 
requirements and the use of the PSD function were proved to not be sufficient enough 
to control the variability of the analysis. Therefore, as corrective iterations are con-
ducted in the frequency domain, the Fourier Transform (FT) was employed. For each 
frequency, the accelerogram’s Fourier Transform (FT) is modified by the quotient of 
𝑆𝑆𝑎𝑎
∗,𝑗𝑗(𝜔𝜔𝑖𝑖 , 𝜁𝜁) and 𝑆𝑆𝑎𝑎

𝑗𝑗(𝜔𝜔𝑖𝑖 , 𝜁𝜁), as follows [23]: 

𝐹𝐹𝑇𝑇𝑎𝑎𝑔𝑔(𝑢𝑢)
(𝑘𝑘+1)(𝜔𝜔𝑖𝑖) = 𝐹𝐹𝑇𝑇𝑎𝑎𝑔𝑔(𝑢𝑢)

(𝑘𝑘) (𝜔𝜔𝑖𝑖) � 
𝑆𝑆𝑎𝑎
∗,𝑗𝑗(𝜔𝜔𝑖𝑖 , 𝜁𝜁)

𝑆𝑆𝑎𝑎
𝑗𝑗(𝜔𝜔𝑖𝑖 , 𝜁𝜁)

  �   (15) 

where 𝐹𝐹𝑇𝑇𝑎𝑎𝑔𝑔(𝑢𝑢)
(𝑘𝑘) (𝜔𝜔𝑖𝑖) is the Fourier Transform of the generated accelerogram at the kth 

iteration. Then, by applying the inverse Fourier Transform, a new time-history 
𝑎𝑎𝑔𝑔

(𝑘𝑘+1)(𝑡𝑡) is determined, along with its response spectrum 𝑆𝑆𝑎𝑎
𝑗𝑗,(𝑘𝑘+1)(𝜔𝜔𝑖𝑖 , 𝜁𝜁). The iteration 

scheme provided by Eq. 15 modifies the spectral amplitude characteristics of the gen-
erated accelerogram. Fig. 3 shows an example of the difference in the Fourier amplitude 
of an accelerogram simulated with the seed record approach before the corrective iter-
ations (i.e. as generated) and after. 

Finally, each of the generated accelerograms requires baseline correction in order to 
yield realistic velocity and displacement time-histories. In this study, a simple cubic 
polynomial curve is used for baseline correcting the generated ground motions. 

Fig. 3. Comparison of the Fourier amplitude of a simulated accelerogram before and after 
the corrective iterations for spectrum compatibility 

3 Seismic Performance Assessment to Artificial Ground Motions 
Records 

3.1 Case Study Considered 

The aim of this paper is to present a practical application of the methodology pro-
posed in [12,19–21], through the NRHA of a benchmark multi-degree-of-freedom 
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(MDOF) structure. Two cases are considered where: i) the generated suite of ground 
motions matches only a mean target spectrum, and ii) the generated suite of ground 
motions matches both a mean target spectrum and target variability. The seismic hazard 
is quantified with a GMM which provides the median target spectrum and the logarith-
mic standard deviations. The GMM employed in this study is the BSSA 14 [17]. The 
seismic scenario considered is of moment magnitude 𝑀𝑀𝑤𝑤 = 6.5, Joyner-Boore distance    
𝑅𝑅𝐽𝐽𝐽𝐽 = 10 km, and ε = 1. The shear wave velocity averaged over the top 30 m 𝐶𝐶𝑆𝑆30 is set 
equal to 360 m/s, the damping ratio is ζ = 5%, the fault type is normal, and the basin 
depth is set unknown. The case study frame is an eight-storey steel moment-resisting 
frame with the properties shown in Fig. 4(a). 

The frame and the analysis are implemented with OpenSees v3.5.0. The gravity 
loads (q=40 kN/m) and the respective masses are concentrated at the nodes.  The mem-
bers are modeled as force-based, beam-column fiber elements with four integration sec-
tions for the NRHA and the material is a uniaxial bilinear steel material object with 
kinematic hardening. No geometric non-linearities are incorporated. After performing 
modal analysis with elastic beam-column elements, the fundamental period was found 
equal to T1 = 3.59 s with mass modal participation of the first mode equal to 82% of 
the total mass. Thus, the frame is dominated by the first mode (Fig. 4(b)), however the 
second mode also contributes to the response with T2 = 1.17 s and mass modal partici-
pation equal to 10% (82% + 10% = 92% > 90% as defined by the Eurocode 8 [4]). 
Rayleigh damping is used with Rayleigh damping coefficients α0 = 0.13 and α1 = 0.014. 

For each case, seven accelerograms are generated in order to conduct NRHAs on the 
eight-storey steel moment-resisting frame. The investigated response parameters are 
the maximum interstorey drift ratios (MIDR) in terms of median and dispersion (16th 
and 85th percentile values). The chosen number of generated accelerograms is con-
sistent with seismic code provisions, which require at least seven NRHAs in order to 
characterize statistically the seismic input and structural seismic response. 

The seed record method [15] is applied to generate the artificial non-stationary ac-
celerograms, following Eqs. 7–13. The frequency range is 𝜔𝜔0=1 rad/s, 𝜔𝜔𝑢𝑢=100 rad/s, 
𝑁𝑁 = 1000, and 𝛥𝛥𝜔𝜔 = 0.10 rad/s. In this example, the seed record selected is the 
24/2/1981 Gulf of Corinth earthquake (Corinth Greece, 24/2/1981, Corinth, T compo-
nent, Fig. 5) from the Pacific Earthquake Engineering Centre (PEER) [24], as it belongs 
to a compatible scenario of 𝑀𝑀𝑤𝑤 = 6.6, 𝑅𝑅𝐽𝐽𝐽𝐽 = 10.27 km, 𝐶𝐶𝑆𝑆30 = 361.40 m/s, and normal 
oblique fault type. The total duration of the accelerogram is 𝑡𝑡𝑓𝑓 = 40.93 s and the strong 
motion duration is 𝑇𝑇𝑠𝑠 = 𝑡𝑡2 − 𝑡𝑡1 = 17.72 s – 3.78 s = 13.94 s. Finally, corrective itera-
tions are performed following Eq. 15 and baseline correction is applied. 
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Fig. 4. (a) The benchmark structure: the eight-story steel frame of the second numerical ap-
plication, used for the NRHAs, (b) The first and second mode of the benchmark eight-storey 

steel moment-resisting frame 

Fig. 5. The seed record accelerogram of the second numerical application: Corinth Greece, 
24/2/1981, Corinth, T component 

3.2 Case 1: NRHAs using a generated suite of ground motions that matches 
only a mean target spectrum 

A suite of seven fully non-stationary accelerograms is generated using Eqs. 1–2 for 
the target median spectrum 𝑆𝑆𝑎𝑎∗(𝑇𝑇𝑖𝑖 , 𝜁𝜁) obtained from the GMM and the variability is set 
equal to 𝛽𝛽∗(𝑇𝑇𝑖𝑖 , 𝜁𝜁) = 0. The median response spectrum of the produced accelerograms 

(a) (b) 
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is shown in Fig. 6 along with the target 𝑆𝑆𝑎𝑎∗(𝑇𝑇𝑖𝑖 , 𝜁𝜁). The comparisons are made in median 
values, considering the mathematical property that the median of data that follow a 
lognormal distribution is approximately equal to the mean of the logarithms. 

Fig. 6. The produced target response spectra 𝑆𝑆𝑎𝑎
∗,𝑗𝑗(𝑇𝑇𝑖𝑖 , 𝜁𝜁) of the second numerical application 

following Eqs. 1–2, for the generation of 7 accelerograms 

The produced accelerograms are used for the NRHAs of the benchmark eight-storey 
steel moment-resisting frame and the median and dispersion values of the MIDRs are 
obtained and plotted in Fig. 7. 

 

Fig. 7. The MIDRs of the eight-storey steel moment-resisting frame using a generated suite of 
ground motions that matches only the mean target spectrum 

3.3 Case 2: NRHAs using a generated suite of ground motions that matches 
both a target mean spectrum and variability 

A suite of seven fully non-stationary accelerograms is generated, and the target mean 
𝑆𝑆𝑎𝑎∗(𝑇𝑇𝑖𝑖 , 𝜁𝜁) and variability 𝛽𝛽∗(𝑇𝑇𝑖𝑖 , 𝜁𝜁) = 𝜎𝜎ln(𝑆𝑆𝑎𝑎)

∗ (𝑇𝑇𝑖𝑖 , 𝜁𝜁) of the suite are obtained from the 
GMM. The produced spectra 𝑆𝑆𝑎𝑎

∗,𝑗𝑗(𝑇𝑇𝑖𝑖 , 𝜁𝜁) are obtained following Eqs. 1–2 and they are 
shown in Fig. 8 along with the target 𝑆𝑆𝑎𝑎∗(𝑇𝑇𝑖𝑖 , 𝜁𝜁) that is obtained from the aforementioned 
GMM. Note that the assumed perfect direct correlation results in equally distanced val-
ues of a produced spectrum 𝑆𝑆𝑎𝑎

∗,𝑗𝑗(𝑇𝑇𝑖𝑖 , 𝜁𝜁) from the target 𝑆𝑆𝑎𝑎∗(𝑇𝑇𝑖𝑖 , 𝜁𝜁). 
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Fig. 8. The produced target response spectra 𝑆𝑆𝑎𝑎
∗,𝑗𝑗(𝑇𝑇𝑖𝑖 , 𝜁𝜁) of the second numerical application 

following Eqs. 1–2, for the generation of seven accelerograms 

The comparison between the target spectrum 𝑆𝑆𝑎𝑎∗(𝑇𝑇𝑖𝑖 , 𝜁𝜁) and the median response 
spectrum 𝑆𝑆𝑎𝑎(𝑇𝑇𝑖𝑖 , 𝜁𝜁) of the generated accelerograms is shown in Fig. 9(a). Furthermore, 
Fig. 9(b) shows the matching of the analysis variability 𝛽𝛽(𝑇𝑇𝑖𝑖 , 𝜁𝜁) = 𝜎𝜎ln(𝑆𝑆𝑎𝑎)(𝑇𝑇𝑖𝑖 , 𝜁𝜁) 
achieved with the proposed model (standard deviation of the natural logarithms) to the 
target 𝛽𝛽∗(𝑇𝑇𝑖𝑖 , 𝜁𝜁) = 𝜎𝜎ln(𝑆𝑆𝑎𝑎)

∗ (𝑇𝑇𝑖𝑖 , 𝜁𝜁). As it can be observed, for both the spectral mean and 
variance, the simulated values are remarkably close to the set targets, thus proving the 
efficiency of the proposed algorithm. 

The produced accelerograms are then used for the NRHAs of the case study frame 
and the median and 16th and 85th percentile values of the MIDRs are obtained and plot-
ted in Fig. 11. 

Fig. 9. (a) Comparison of the generated accelerograms’ median response spectrum 𝑆𝑆𝑎𝑎(𝑇𝑇𝑖𝑖 , 𝜁𝜁) 
matching to the target median spectrum 𝑆𝑆𝑎𝑎∗(𝑇𝑇𝑖𝑖 , 𝜁𝜁) of the second numerical application, (b) 
comparison of the analysis variability 𝛽𝛽(𝑇𝑇𝑖𝑖 , 𝜁𝜁) = 𝜎𝜎ln(𝑆𝑆𝑎𝑎)(𝑇𝑇𝑖𝑖 , 𝜁𝜁) with the target 𝛽𝛽∗(𝑇𝑇𝑖𝑖 , 𝜁𝜁) =

𝜎𝜎ln(𝑆𝑆𝑎𝑎)
∗ (𝑇𝑇𝑖𝑖 , 𝜁𝜁) 
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Fig. 11. The MIDRs of the eight-storey steel moment-resisting frame estimated through 
NRHAs using a generated suite of ground motions that matches both a target mean spectrum 

and variability 

3.4 Result Comparison 

Table 1 summarizes the MIDR estimates of the two cases in terms of median and 
16th and 85th percentile values. It is observed that the median values are close for both 
cases, whereas the dispersion values differ significantly. Specifically, in the case where 
the variability of the target spectrum is incorporated in the generation of the ground 
motion suite, the dispersion of the MIDRs is larger, as expected. These results are com-
patible with the similar observations of Jayaram et al. [2] for their record selection al-
gorithm, which state that when the response spectrum variability is considered in the 
ground motion selection procedure, the median structural response is not significantly 
affected, whereas the dispersion in the response tends to increase. These results prove 
that the proposed methodology produces realistic results for NRHAs and complete the 
testing of the efficiency of the proposed methodology for practical applications. 

Table 1. MIDR estimates of the case study frame. The Case 1 results correspond to the suite of 
ground motions who match only the target spectral mean, whereas the Case 2 results corre-

spond to the suite of ground motions who match both the target spectral mean and variability 

Storey 
Median MIDR % Dispersion of MIDR % 

Case 1 Case 2 error % Case 1 Case 2 error % 
1 0.91 1.05 15.7 11.79 81.49 590.95 
2 1.13 1.30 14.5 6.82 69.54 919.09 
3 0.95 1.13 18.0 8.36 56.68 577.70 
4 0.89 0.87 -1.4 8.79 47.83 444.28 
5 0.82 0.86 4.9 11.04 47.10 326.41 
6 0.81 0.90 10.6 14.18 53.42 276.74 
7 0.70 0.86 22.6 15.26 56.48 270.06 
8 0.51 0.61 18.5 10.99 57.10 419.79 
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4 Conclusions and Discussion 

The efficiency of a novel stochastic methodology for the generation of suites of fully 
non-stationary artificial accelerograms that are compatible both with a target mean 
spectrum and a target variability has been tested through the NRHAs of a benchmark 
frame. Hazard consistency has been defined by obtaining the target spectral mean and 
variability from a GMM and the ground motions have been generated using widely 
known spectral representation techniques. This paper assumes that the correlations be-
tween spectral acceleration values at multiple periods are equal to 1. It should be noted 
that Eq. 1 in [12] is extended to a more general case, where the CMS can also be em-
ployed in the analyses and the correlations will also be possible to be included in the 
spectra simulation process. 

The methodology has been tested in order to ensure that the produced suites of 
ground motions provide realistic NRHA estimates. The results of the NRHAs of an 
eight-storey steel moment-resisting frame which was subjected to two cases of ground 
motion suites were compared. One suite of ground motions matched only a mean target 
spectrum, whereas the other suite of ground motions matched both a mean target spec-
trum and target variability. The results showed that in the latter case, the median struc-
tural response is not significantly affected, whereas the dispersion in the response tends 
to increase. 

A point worth noting is that the present work simplifies the methodology proposed 
in [12] and uses accelerograms with a fixed power spectrum and modulating function 
values. This results in suites of artificial accelerograms that have very similar time-
frequency features, however, this simplification has been adopted in order to focus on 
the influence of the target spectrum variability on the structural estimates without hav-
ing additional uncertainties added. 

In conclusion, the obtained results of this study were compatible with similar obser-
vations from relative ground motion selection algorithms in the literature. Thus, the 
proposed methodology produces realistic results for NRHAs and is efficient for practi-
cal applications. 
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Abstract. The seismic capacity assessment of two three-storey reinforced con-
crete buildings constructed prior to 1984 is being conducted in this paper. Spe-
cifically, the case of short columns or soft storey on the ground floor is investi-
gated and a comparison is made regarding the seismic response obtained for each 
case. The approximate method of the Second-degree pre-earthquake inspection 
is applied for the case of known and unknown reinforcement amounts. The ob-
tained results are then compared to results obtained from non-linear static analy-
sis. The primary criterion for the comparison is the failure index of the buildings, 
as derived from each method. The buildings are categorized into seismic catego-
ries according to the Second-degree pre-earthquake inspection. These are com-
pared with the seismic classifications determined by KANEPE. The results of the 
failure indices and seismic categories according to the Second-degree pre-earth-
quake inspection were in good agreement with the corresponding results of fail-
ure indices in terms of acceleration and the seismic classifications according to 
KANEPE obtained when the non-linear static analysis is applied. This agreement 
is particularly pronounced when known amounts of reinforcement are considered 
for the vertical elements. Furthermore, the seismic vulnerability of buildings with 
soft storey or short columns was confirmed in both methods in a similar manner. 

Keywords: Reinforced concrete, Non-linear static analysis, Pushover analysis, 
Second-degree pre-earthquake inspection, Building assessment, soft storey, 
short columns, failure index 

1 Introduction 

The Second-degree pre-earthquake inspection [1-2] for reinforced concrete build-
ings (RC) employs a failure index 𝜆𝜆 as the main criterion for building classification. 
This failure index is derived from an approximate method based on seismic demand, as 
defined in current assessment provisions. The methodology involves several approxi-
mate estimates without the need of using a detailed analysis model. The method focuses 
on the strength of the vertical elements of the structure and can be applied, albeit with 
reduced reliability, even when there is insufficient information about the amount of 
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reinforcement and detailing. In this paper the revised version (2022) of the methodol-
ogy is applied, whereas results from the application of the method based on the pre-
existing version (2018) of [2] are presented in [6]. 

The capability of rapidly estimating the structural capacity of a building under seis-
mic loads using approximate assessment methods, according to the current design and 
assessment provisions (Eurocodes, KANEPE [3], KADΕΤ [4]), poses a challenge. 
Therefore, the critical question, concerns the reliability level of the results obtained 
from this method. In the study of Zochiou et al. [5], a preliminary answer is attempted 
within the framework of investigating a group of RC buildings. In [5] the main objec-
tive of the study was to assess the influence of masonry infill walls and the absence of 
data regarding the reinforcement of the columns. 

In this study, the investigation focuses on the influence of the presence of short col-
umns or a soft storey (pilotis), and for comparison purposes, the building types remain 
the same as in the first study [5]. In both studies, the reliability check of the results of 
the approximate Second-degree pre-earthquake inspection method is conducted based 
on comparison with the results of a non-linear static analysis (pushover analysis). The 
comparison is made according to the recent revision of the Second-degree pre-earth-
quake inspection (2022) [1]. Specifically, in this study, the following aspects are inves-
tigated: 
 The effect of the presence of short columns in the structure. 
 The impact of the presence of a soft story (pilotis) on the ground floor of the 

building. 
 The effect of applying the methodology without sufficient information on the 

reinforcement amounts and details of vertical elements. 
It should be noted that in the aforementioned revision of the Second-degree pre-

earthquake inspection [1], there were fundamental changes in the way the failure index 
𝜆𝜆 is determined compared to the original text [2]. The original text did not consider the 
contribution of masonry infill walls to the seismic resistance of the building, and the 
adopted values for the behavior factor 𝑞𝑞 were lower. Thus, in order to assess the impact 
of the aforementioned changes, the failure indices 𝜆𝜆 are determined based on the origi-
nal text [2], and the respective results are compared. Similar to [5], two typical RC 
buildings with different plan view layout are assessed. The assessment is conducted for 
the “performance level B”. 

2 Description of the case study RC building 

Two RC frame buildings have been examined which have been constructed prior to 
1984. The first structure (building A) has a rectangular floor-plan. The second structure 
(building B) has an L-shape floor plan. The corresponding structural drawings are pro-
vided in Fig. 1. Both buildings have three storeys, with a floor height of 3.00m and 
accessible roof. Each building is examined under conditions of short columns or a soft 
storey on the ground floor, assuming the presence of infill walls. To examine the effect 
of masonry infill walls on both buildings, different conditions of their participation are 
considered. More specifically, they are being categorized according to the quality of 
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their construction detailing and wedging and the existence or not of openings. The cases 
to be investigated are presented in Tables 1 and 2. 

(a) 

(b) 

Fig. 1. Structural floor-plans of the two buildings: (a) Building A and (b) Building Β 
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Table 1. Different cases of structural systems and masonry infill walls contribution 

Building Α Building B Description of the case study RC Buildings 

Αn Bn 
Reference buildings without considering the contribution of 
masonry infill walls 

Α B Reference buildings considering presence and contribution of 
masonry infill walls with openings in all levels  

Αs Bs 
Buildings with short columns at the perimeter of the ground 
floor at a height of 1.10m considering the contribution of ma-
sonry infill walls with openings in the two upper floors  

Ap Bp 
Buildings with soft storey (pilotis) on the ground floor con-
sidering the contribution of masonry infill walls with open-
ings in the two upper floors  

Table 2. Different categories of masonry infill walls 

Inf. Wall.g 
Good construction detailing and wedging of masonry infill walls consider-
ing the presence of openings 

Inf. Wall.p 
Poor construction detailing and wedging of masonry infill walls consider-
ing the presence of openings 

2.1 Reinforcement amount and details, Loads and Design Spectrum 

The perimeter columns have a cross-section of 35x35cm. The central one has a cross-
section of 40x40cm. The perimeter beams have a cross-section of 25/55 with 4Φ16 
bottom reinforcement at mid-span, from which 2Φ16 are bent at the supports. The in-
ternal beams have a cross-section of 25/60 with 4Φ20 bottom reinforcement at mid-
span, from which 2Φ20 are bent at the supports. All beams have 2Φ8 top reinforcement 
which do not participate in shear resistance at the supports due to their insufficient an-
chorage length. The perimeter columns are reinforced with 4Φ20 bars at the corners, 
and the central one with 4Φ20 and 4Φ14 bars (1Φ14 in the middle of each side). The 
transverse reinforcement is rectangular Φ8/20 for all columns and Φ8/25 for the beams 
with poor anchorage. The thickness of the slabs is assumed to be 16cm. 

The concrete compressive strength was considered with an average value of 18 MPa, 
and a "quasi" characteristic value was 14 MPa, assuming a "Sufficient" Data Reliability 
Level (DRL) [3]. The corresponding values for the tensile strength of longitudinal steel 
reinforcement and ties were considered 460 MPa and 400 MPa respectively. 

The dead loads (G) of the structure include the self-weight of the RC elements 
(25 kN/m3), the non-structural screed (1.3 kN/m2) and the outer and inner masonry 
walls (3.6 kN/m2 and 2.0 kN/m2 respectively). The live loads (Q) include the surface 
loads of all floors and the roof (2.0 kN/m2). Axial loads at the base of the ground floor 
columns were calculated by considering the effective slab areas for each column, di-
viding the slabs in triangular and trapezoidal subareas, for the G + 0.3Q loading com-
bination. 
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The seismic loads (E) were calculated in accordance with the EC8 [7] design spec-
trum, with a ground acceleration equal to 𝑎𝑎𝑔𝑔 = 0.24𝑔𝑔, (where 𝑔𝑔 denotes the accelera-
tion due to gravity, 9.81 m/sec2), soil type B (medium dense sand or stiff clay) and 
seismic zone II. For the Second-degree pre-earthquake inspection, the soil index is 
taken equal to 𝑆𝑆 = 1.00 and the design spectrum is used with behavior factor equal to 
𝑞𝑞 = 2.00. For the non-linear static analysis (pushover analysis), the elastic spectrum is 
used and the soil index is considered equal to 𝑆𝑆 = 1.20. 

 
Fig. 2. Elastic Spectrum 

2.2 Dynamic Properties 

The period, 𝑇𝑇 (Empirical period) of the building, when applying the methodology of 
the Second-degree pre-earthquake inspection was determined according to the approx-
imate equation of the Greek Code of Structural Interventions - KANEPE [3] from Eq.1: 

𝑇𝑇 = 𝐶𝐶𝑢𝑢  𝐻𝐻0.9 (1) 

where 𝐶𝐶𝑢𝑢 is equal to 0.052 and 𝐻𝐻 is the height of the building equal to 9.90 m. 

When conducting the non-linear static analysis (analysis period), the period 𝑇𝑇 was 
determined according to the direction and distribution of the seismic loading and the 
structural properties of the buildings. The results obtained from the two methods are 
shown in Table 3. The indication "No Infill Walls" stands for case of the buildings An 
and 𝐵𝐵n. 
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Table 3. Empirical and Analysis Periods 𝑇𝑇. 

 EMPIRICAL 
ANALYSIS 

Α B Αs Bs Ap Bp 

No Inf. Wall 0.41 1.36 1.32 - - - - 

Inf. Wall.g 0.41 0.71 0.75 0.63 0.82 0.99 0.96 

Inf. Wall.p 0.41 1.06 0.78 0.71 0.71 1.17 1.02 

Similar to [5], the period 𝑇𝑇 obtained by the approximate equation from KANEPE [3], 
is equal for both structures with values much smaller than those resulting by the non-
linear static analysis (pushover analysis). In the analysis, the periods 𝑇𝑇 in all examined 
cases correspond to values higher than 𝑇𝑇𝑐𝑐 =  0.50𝑠𝑠, i.e. they are in the descending 
branch of the spectrum. Consequently, a lower demand is expected compared to the one 
Second-degree pre-earthquake inspection predicts, where the period of the structure is 
between the 𝑇𝑇𝐽𝐽 and 𝑇𝑇𝑐𝑐 periods of the spectrum and therefore, corresponds to the plateau 
of the spectrum (𝑇𝑇 < 𝑇𝑇𝑐𝑐) (Fig. 2). 

High values of the periods 𝑇𝑇 of pushover analysis of the six building categories that 
were examined and are given in Table 3 are due to the fact that the effective stiffness 
of the members is obtained at the guilt point of the section using Eq.2 of KANEPE 
§7.2.3 [3]. As a result, the effective stiffness values of pushover analysis are signifi-
cantly low for all examined buildings compared to the ones of the uncracked section. 
This is further demonstrated by Table 4, where the effective stiffness of the ground 
floor column C5 of building A is presented as a percentage of the respective uncracked 
section, for primary loading direction 90°. The same values of the effective stiffness 
arise for the rest of the primary loading directions (0°, 180° and 270°). As observed, 
the effective stiffness (𝐸𝐸𝐸𝐸𝑒𝑒𝑓𝑓𝑓𝑓) has a low percentage ranging from 8.7% to 19.1% of the 
uncracked section stiffness (𝐸𝐸𝐸𝐸𝑔𝑔𝑔𝑔𝑔𝑔𝑠𝑠𝑠𝑠). These values cannot exceed 25% of the 
uncracked section stiffness as dictated by KANEPE §7.1.2.2 [3]. This has been con-
cluded in an earlier study of Bardakis and Dritsos [8] where the procedures of FEMA 
356 [9] and KANEPE [3] are compared. In the procedure of FEMA 356 [9], high values 
of effective stiffness are used, as is also in the Second-degree pre-earthquake inspection 
examined in the present study. 

Table 4. Correlation between effective stiffness and uncracked section stiffness for C5. 

Angle (deg) 𝐸𝐸𝐸𝐸𝑒𝑒𝑓𝑓𝑓𝑓/𝐸𝐸𝐸𝐸𝑔𝑔𝑔𝑔𝑔𝑔𝑠𝑠𝑠𝑠 

90 

8.7% 

14.3% 

14.6% 

17.8% 

19.1% 
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3 Application of the approximate method 

Analysis is performed for the “Significant Damage Performance” level (Level B) 
[3]. The behavior factor 𝑞𝑞, for all buildings is taken 𝑞𝑞 = 2.00 according to Table 4 of 
the methodology of the Second-degree pre-earthquake inspection [1]. For the case of 
buildings with a soft storey, an additional investigation is performed considering a 𝑞𝑞 =
1.5, as they could reasonably be characterized as buildings with unfavorable presence 
of masonry infill walls. 

The basic seismic resistance (𝐶𝐶𝑅𝑅0), of the building of the critical floor (generally the 
ground floor) is determined (see also [5]) by Eq.2: 

𝐶𝐶𝑅𝑅0 = 𝛼𝛼1�𝐶𝐶𝑅𝑅𝑖𝑖𝑐𝑐𝑔𝑔𝑢𝑢𝑢𝑢𝑐𝑐𝑛𝑛𝑠𝑠 + 𝛼𝛼2�𝐶𝐶𝑅𝑅𝑖𝑖𝑤𝑤𝑎𝑎𝑢𝑢𝑢𝑢𝑠𝑠 + 𝛼𝛼3�𝐶𝐶𝑅𝑅𝑖𝑖𝑠𝑠ℎ𝑔𝑔𝑔𝑔𝑢𝑢 𝑐𝑐𝑔𝑔𝑢𝑢𝑢𝑢𝑐𝑐𝑛𝑛𝑠𝑠 + �𝐶𝐶𝑅𝑅𝑖𝑖
𝑖𝑖𝑛𝑛𝑓𝑓𝑖𝑖𝑢𝑢𝑢𝑢 𝑤𝑤𝑎𝑎𝑢𝑢𝑢𝑢𝑠𝑠    (2) 

where 𝐶𝐶𝑅𝑅𝑖𝑖𝑐𝑐𝑔𝑔𝑢𝑢𝑢𝑢𝑐𝑐𝑛𝑛𝑠𝑠 is the seismic resistance of each column, 𝐶𝐶𝑅𝑅𝑖𝑖𝑤𝑤𝑎𝑎𝑢𝑢𝑢𝑢𝑠𝑠 is the seismic re-
sistance of each wall, 𝐶𝐶𝑅𝑅𝑖𝑖𝑠𝑠ℎ𝑔𝑔𝑔𝑔𝑢𝑢 𝑐𝑐𝑔𝑔𝑢𝑢𝑢𝑢𝑐𝑐𝑛𝑛𝑠𝑠 is the seismic resistance of each short column, 
𝐶𝐶𝑅𝑅𝑖𝑖
𝑖𝑖𝑛𝑛𝑓𝑓𝑖𝑖𝑢𝑢𝑢𝑢 𝑤𝑤𝑎𝑎𝑢𝑢𝑢𝑢𝑠𝑠 is the seismic resistance of each infill wall and 𝛼𝛼1,𝛼𝛼2 and 𝛼𝛼3 are values that 

can be taken according to the proposed method [1]. 

For the examined cases (frame structural system with RC columns) the values for 
reference buildings (A, B) and buildings with soft storey (Ap, Bp) are taken according 
to the proposed method as 𝛼𝛼1 =  0.85 and 𝛼𝛼2  =  𝛼𝛼3  =  0. For the case of buildings 
with short columns (As, Bs), the corresponding values are 𝛼𝛼1 = 0.70,  𝛼𝛼2 = 0, 𝛼𝛼3 =
0.85. 

The shear resistance of the masonry infill walls 𝐶𝐶𝑅𝑅𝑖𝑖
𝑖𝑖𝑛𝑛𝑓𝑓𝑖𝑖𝑢𝑢𝑢𝑢 𝑤𝑤𝑎𝑎𝑢𝑢𝑢𝑢𝑠𝑠  is calculated by the fol-

lowing Eq.3: 

𝐶𝐶𝑅𝑅𝑖𝑖
𝑖𝑖𝑛𝑛𝑓𝑓𝑖𝑖𝑢𝑢𝑢𝑢 𝑤𝑤𝑎𝑎𝑢𝑢𝑢𝑢𝑠𝑠 = 0.3 𝑓𝑓𝑤𝑤𝑐𝑐,𝑠𝑠  𝑡𝑡𝑤𝑤  𝑏𝑏𝑤𝑤  �

𝑙𝑙
𝐿𝐿
� (3) 

where 𝑓𝑓𝑤𝑤𝑐𝑐,𝑠𝑠  is the compressive strength of the infill walls in the diagonal direction 
and can be obtained from Table 3 of Appendix D [1], whereas 𝑡𝑡𝑤𝑤, 𝑏𝑏𝑤𝑤  stands for the 
thickness and the effective width of the infill wall respectively. The contribution of 
infill walls in the resistance of the structure is governed by KANEPE §7.4.1 [3]. Ap-
proximately, 𝑏𝑏𝑤𝑤  can be considered as 𝑏𝑏𝑤𝑤 ≈ 𝐿𝐿 ∙ (𝑓𝑓𝑤𝑤𝑤𝑤/𝑓𝑓𝑤𝑤𝑐𝑐,𝑠𝑠 ), where 𝑓𝑓𝑤𝑤𝑤𝑤 is the strength 
in diagonal cracking [3]. 

According to the methodology of the approximate method of the Second-degree pre-
earthquake inspection, the maximum shear force that the vertical elements can with-
stand is calculated based on the existing reinforcements, by checking the expected fail-
ure mechanism (flexural or shear) as per 𝐶𝐶𝑅𝑅,𝑖𝑖 = 𝑚𝑚𝑚𝑚𝑛𝑛 (𝐶𝐶𝑅𝑅𝑅𝑅 ,𝐶𝐶𝑀𝑀). The flexural strength 
(𝐶𝐶𝑀𝑀) is equal to 𝐶𝐶𝑀𝑀 = 𝑀𝑀𝑅𝑅/𝐿𝐿𝑠𝑠, where 𝐿𝐿𝑠𝑠 is obtained by KANEPE [3]. 

In cases where reinforcement data is not available, there is the option for an approx-
imate estimation of lower accuracy to be performed, considering only the shear strength 
of the vertical elements (𝐶𝐶𝑅𝑅𝑅𝑅), without checking their flexural capacity. The method is 
applied by assuming that 𝐶𝐶𝑅𝑅,𝑖𝑖 = 𝐶𝐶𝑅𝑅𝑅𝑅 . In this last case, the results are obtained by assum-
ing that, in the examined cases, the height of the compression zone 𝑥𝑥 is equal to 0.35𝑑𝑑, 
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and the ductility index 𝜇𝜇𝜃𝜃
𝑝𝑝𝑢𝑢 is equal to 2.5. The justification for these assumptions can 

be found in [5]. The value of 𝐶𝐶𝑅𝑅𝑅𝑅 is determined based on the expression of KANEPE 
Appendix 7C [3]. The shear resistance of the structural elements has been determined 
using the Eq. C1 KANEPE of the aforementioned Appendix [3]. 

However, for short columns, the shear strength cannot exceed the limit value 𝐶𝐶𝑅𝑅,𝑐𝑐𝑎𝑎𝑚𝑚 , 
corresponding to web failure due to inclined compression, as given by Eq. C5 KANEPE 
of the same Appendix [3]. In particular, in the case of buildings (Αs, Bs), when rein-
forcement data is available the shear strength of vertical members (𝐶𝐶𝑅𝑅,𝑖𝑖) is obtained by 
𝐶𝐶𝑅𝑅,𝑖𝑖 = 𝑚𝑚𝑚𝑚𝑛𝑛 [�𝐶𝐶𝑅𝑅𝑅𝑅 ,𝐶𝐶𝑅𝑅,𝑐𝑐𝑎𝑎𝑚𝑚�,𝐶𝐶𝑀𝑀], otherwise when reinforcement data in not available, by 
𝐶𝐶𝑅𝑅,𝑖𝑖 = 𝑚𝑚𝑚𝑚𝑛𝑛 �𝐶𝐶𝑅𝑅𝑅𝑅 ,𝐶𝐶𝑅𝑅,𝑐𝑐𝑎𝑎𝑚𝑚�. 

In Table 5, the results of the shear strength of the columns of buildings (A & Αp) and 
(B & Bp) are presented, applying the Eq. C1 KANEPE of Appendix 7C [3]. The values 
of shear strength for building A and building with soft storey Αp are the same, similarly 
for buildings B and Bp, as the height of the cross section does not change according to 
the Eq. C1 KANEPE of Appendix 7C [3]. As observed, the critical failure mechanism 
for all cases of building’s columns was the flexural failure (𝐶𝐶𝑀𝑀), except for the buildings 
with short columns. In Table 6, the results of the shear strength of the columns for 
buildings with short columns are presented, applying the Equations C1 and C5 
KANEPE of Appendix 7C [3]. As observed, the critical failure mechanism in shear for 
all cases of short columns was the failure in inclined compression (𝐶𝐶𝑅𝑅,𝑐𝑐𝑎𝑎𝑚𝑚). 

Table 5. Shear resistance of RC columns – Approximate and Precise values for Buildings 
A & Αp , B & Bp 

Second degree 
pre-earthquake 
Insp. 

BUILDINGS A & Αp BUILDINGS B & Bp 

Reinf. Data 
No Reinf. 

Data 
Reinf. Data 

No Reinf. 
Data 

COLUMNS 
VRd 
(KN) 
Eq.C1 

V𝑀𝑀 
(KN) 

VRd (KN) 
x = 0.35d 
μθ
pl = 2.5 
Eq.C1 

VRd 
(KN) 
Eq.C1 

V𝑀𝑀 
(KN) 

VRd (KN) 
x = 0.35d 
μθ
pl = 2.5 
Eq.C1 

1 107.31 92.44 108.35 107.31 92.44 108.35 
2 126.11 101.80 133.52 126.50 101.88 134.32 
3 100.40 85.58 101.94 104.75 89.87 105.94 
4 126.22 101.82 133.76 126.70 101.92 134.73 
5 185.46 158.41 173.30 177.57 157.52 181.45 
6 122.10 101.19 126.27 98.06 83.30 99.84 
7 109.16 94.31 110.12 115.09 100.41 115.93 
8 127.11 102.00 135.58 108.05 93.19 109.06 
9 102.13 87.27 103.52 − − − 



Assessment of the seismic capacity of existing RC buildings short columns or soft 
storey, in accordance with the Second-Degree Pre-earthquake Inspection 126 

 

 

Table 6. Shear resistance of RC columns – Approximate and Precise values for building Αs-Bs 

Second-degree 
pre-earthquake Insp. 

BUILDING Αs 
Reinf. Data No Reinf. Data 

COLUMNS 
VRd 

(KN)
Eq.C1 

VR,max 
(KN)
Eq.C5 

V𝑀𝑀 
(KN) 

 

VRd (KN) 
x = 0.35d 
μθ
pl = 2.5 
Eq.C1 

VR,max (KN 
μθ
pl = 2.5 

Eq.C5 

1 275.74 111.17 459.10 267.26 108.34 
2 367.65 131.57 508.73 393.10 127.65 
3 245.73 105.83 424.74 235.22 103.42 
4 368.28 131.76 508.84 394.28 127.83 
5 185.47 - 158.42 195.64 - 
6 346.56 125.77 505.77 356.84 122.09 
7 283.81 112.64 468.49 276.11 109.70 
8 372.96 133.23 509.72 403.43 129.23 
9 253.22 107.14 433.24 243.10 104.63 

Second-degree  
pre-earthquake Insp. 

BUILDING Bs 

Reinf. Data No Reinf. Data 

COLUMNS 
VRd 

(KN) 
Eq.C1 

VR,max 
(KN) 
Eq.C5 

V𝑀𝑀 
(KN) 

 

VRd (KN) 
x = 0.35d 
μθ
pl = 2.5 
Eq.C1 

VR,max (KN) 
μθ
pl = 2.5 

Eq.C5 

1 275.74 111.17 459.10 267.26 108.34 
2 369.75 132.22 509.11 397.10 128.26 
3 264.59 109.15 446.23 255.19 106.49 
4 370.81 132.55 509.31 399.17 128.58 
5 536.15 140.75 850.37 553.54 135.69 
6 235.61 104.08 413.35 224.72 101.81 
7 309.70 117.49 499.03 305.17 114.16 
8 278.98 111.76 462.86 270.80 108.88 

The final seismic resistance 𝐶𝐶𝑅𝑅, is determined for each direction by Eq.4: 

𝐶𝐶𝑅𝑅 = 𝛽𝛽 × 𝐶𝐶𝑅𝑅0 (4) 

where 𝛽𝛽 is the reduction factor determined according to 13 criteria which are used 
to assess the vulnerability of a structure, as described in the methodology [1], and eval-
uated with a value of 1 to 5, where 1 corresponds to the highest reduction. 
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In the case of building with short columns, all criteria were graded with 5 for both 
buildings, except for criterion 3 (Normalized axial load), which resulted in 𝛽𝛽3 = 2 for 
building A and 𝛽𝛽3 = 3 for building B. These values were obtained taking into consid-
eration the average value of the normalized axial load of the vertical elements which 
were 0.35 ≤ 𝑣𝑣𝑅𝑅 = 0.39 < 0.45 for building A and 0.25 ≤ 𝑣𝑣𝑅𝑅 = 0.34 < 0.35 for 
building B. In criterion 7 (Stiffness distribution in elevation) both buildings were graded 
equal to 𝛽𝛽7 = 1, given that the ductility of the ground floor exceeds the ductility of the 
first floor with a value of 462% > 150% in the x direction and 548% > 150% in the 
y direction for building A and 506% > 150% in the x direction and 491% > 150% in 
the y direction for building B. In criterion 9 (Short columns), according to the calibra-
tion of the criterion using the value of the quantity 𝑙𝑙/ℎ of the supports and the gravity 
factor corresponding to it, the grade is equal to 𝛽𝛽9 =1 for building A and 𝛽𝛽9 = 1.67 for 
building B. Only in building B, criterion 5 (Stiffness distribution in plan – torsion) is 
differentiated in the x direction, where the normalized eccentricity is 𝜀𝜀𝑚𝑚 = 0.076 >
0.05, corresponding to a grade equal to 𝛽𝛽5 =4. Consequently, the values of the reduc-
tion factor 𝛽𝛽 for building Αs and Bs in the two main directions were 𝛽𝛽𝑚𝑚 = 𝛽𝛽𝑦𝑦 = 0.76 
and  𝛽𝛽𝑚𝑚 = 0.74, 𝛽𝛽𝑦𝑦 = 0.77 respectively. 

In the case of buildings with a soft storey (pilotis), Criterion 3 (Normalized axial 
load), was graded the same as in the reference buildings (see [5]), equal to 𝛽𝛽3 = 3 for 
both buildings A and B. Criterion 7 (Stiffness distribution in elevation), was graded 
equal to 𝛽𝛽7 = 1, for both buildings, as the stiffness of the first floor exceeds the one of 
the ground floor with values of 245% >  150% in the x direction and 269% >  150% 
in the y direction for building A, and 277% >  150% in the x direction and 303% >
 150% in the y direction for building B. Criterion 5 (stiffness distribution in plan – 
torsion), was graded equal to 𝛽𝛽5 =4, as the eccentricity in the loading direction x was 
found to be 𝜀𝜀𝑚𝑚 = 0.067 > 0.05. As a result, the values of the reduction factor 𝛽𝛽 for 
buildings Αp and Bp in the two main directions were 𝛽𝛽𝑚𝑚 = 𝛽𝛽𝑦𝑦 = 0.86 and 𝛽𝛽𝑚𝑚 = 0.84, 
𝛽𝛽𝑦𝑦 = 0.86 respectively. 

It is noted that values of the reduction factor 𝛽𝛽 for the reference buildings A and B 
have been derived in [5] and are  𝛽𝛽𝑚𝑚 = 𝛽𝛽𝑦𝑦 = 0.98 and 𝛽𝛽𝑚𝑚 = 0.96, 𝛽𝛽𝑦𝑦 = 0.98 respec-
tively. 

The failure index 𝜆𝜆 of the structure for each main direction x and y is determined 
considering the available seismic resistance and the seismic demand according to Eq.5 
as follows: 

𝜆𝜆𝑚𝑚 =
𝐶𝐶𝑔𝑔𝑒𝑒𝑟𝑟,𝑚𝑚 + 0.30𝐶𝐶𝑔𝑔𝑒𝑒𝑟𝑟,𝑦𝑦

𝐶𝐶𝑅𝑅,𝑚𝑚 + 0.30𝐶𝐶𝑅𝑅,𝑦𝑦
  ,  𝜆𝜆𝑦𝑦 =

𝐶𝐶𝑔𝑔𝑒𝑒𝑟𝑟,𝑦𝑦 + 0.30𝐶𝐶𝑔𝑔𝑒𝑒𝑟𝑟,𝑚𝑚

𝐶𝐶𝑅𝑅,𝑦𝑦 + 0.30𝐶𝐶𝑅𝑅,𝑚𝑚
 (5) 

The classification of the building into a seismic category of Second-degree pre-earth-
quake inspection is done based on the capacity factor 𝛿𝛿, as follows according to Eq.6: 

𝛿𝛿 = 𝑚𝑚𝑚𝑚𝑛𝑛 �
1
𝜆𝜆𝑚𝑚

,
1
𝜆𝜆𝑦𝑦
� (6) 

Further information on this matter can be found in [10]. 
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4 Application of the Non-linear static analysis method 

A non-linear static analysis (pushover analysis) method is also employed, in accord-
ance with the provisions of KANEPE [3] for a “performance level Β”. As described in 
[5], the failure indices 𝜆𝜆 of the buildings are defined in two ways: a) based on the min-
imum horizontal ground acceleration 𝑎𝑎𝑔𝑔 for which the first failure of a vertical member 
of the building occurs for an acceptable “performance level B”, as defined in Eq.7, and 
b) through the maximum failure index 𝜆𝜆𝑐𝑐𝑎𝑎𝑚𝑚  of the vertical elements of the structure for 
a “performance level B1” and for all possible loading combinations. 

𝜆𝜆𝑎𝑎𝑔𝑔 =
𝑎𝑎𝑔𝑔,𝑔𝑔𝑒𝑒𝑓𝑓

𝛼𝛼𝑔𝑔
 (7) 

where 𝑎𝑎𝑔𝑔,𝑔𝑔𝑒𝑒𝑓𝑓  is the reference horizontal ground acceleration, with a probability of 
exceeding the seismic action of 10% in the structure’s intended life span, which equals 
to 50 years for ordinary structures. In this case of the study, the reference horizontal 
ground acceleration equals to 0.24𝑔𝑔. 

The seismic category of the building is determined according to KANEPE [3] based 
on the ratio 𝑎𝑎𝑔𝑔 /𝑎𝑎𝑔𝑔,𝑔𝑔𝑒𝑒𝑓𝑓, i.e., the quantity 1 / 𝜆𝜆𝑎𝑎𝑔𝑔 and is defined as the maximum target 
for assessment or redesign that a building can achieve for a selected “performance level 
B”. More details on this matter are presented in [10]. 

The pushover analysis was conducted utilizing the commercial software FESPA of 
LH Logismiki [11]. The structural system is a three-dimensional concrete frame. The 
beam elements used in the analysis are considered as 3D beam-column elements with 
concentrated plasticity in both edges. It is a displacement-based beam element, where 
plastic penetration is taken into account. The flexural plastic hinges have been defined 
using the cord rotation equations provided by KANEPE [3]. The model has been 
checked for both flexure and shear plastic hinges. For shear, the provisions of Chapter 
7 KANEPE §7.2.4.2 and §7.2.5 [3] are followed. The displacement-based control, that 
has been used was the multi-control point. The minimum number of steps (static anal-
ysis) to be performed in each pushover analysis with incrementally increasing load until 
the end of the analysis, which is defined as the exceedance of the given maximum dis-
placement for the “performance level B”, is equal to 120. The displacement control 
arises from the minimum number of steps, and the maximum displacement is 3% of the 
building's height. 

The mechanic behaviour of a structural element, or of a critical region of a structural 
element is described through a diagram of force “𝐹𝐹” versus deformation “𝛿𝛿”. In the 
present study the choice of 𝐹𝐹 and 𝛿𝛿 are moment “𝑀𝑀” and chord rotation “𝜃𝜃” at the ends 
of the element, where 𝜃𝜃 incorporates the sum of flexural and shear deformations, as 
well as the rotation of member ends due to reinforcement slip [3]. 

The non-linear laws of the reinforced concrete sections that were used to the non-
linear analysis are defined in terms of 𝑀𝑀 − 𝜃𝜃, where a) the deformation in yielding, is 
determined by the chord rotation 𝜃𝜃𝑦𝑦, using the Eq. S.2a KANEPE §7.2.2 [3], b) the 
deformation in failure, is determined by the mean value of chord rotation at failure 𝜃𝜃𝑢𝑢𝑐𝑐, 
using the Eq. S.11a KANEPE §7.2.4.1 [3] and c) the yielding moment, 𝑀𝑀𝑦𝑦 = 𝑀𝑀𝑢𝑢 is 



129 Technical Annals Vol 1 No.6 (2024) 

 

determined by the Eq. A.6a KANEPE of Appendix 7.A [3]. An indicative representation 
of the relation of moment “𝑀𝑀” as a function of chord rotation “𝜃𝜃” is presented in Fig.3 
for “performance level B” of the ground floor column C5 of building A. 

 
Fig. 3. Moment “𝑀𝑀” as a function of chord rotation “𝜃𝜃” 

Pushover analysis significantly evaluates the expected performance level of the 
structural system by the building’s capacity curve. Based on this capacity curve, the 
target displacement expected to occur during the earthquake is estimated. Fig. 4 pre-
sents the capacity curves for a “performance level B” for the direction (90° + 30% ·
0° + 𝑒𝑒𝑒𝑒) for the column C5 of the ground floor of the buildings A, As and Ap respec-
tively for good construction detailing and wedging of masonry infill walls considering 
the presence of openings. Moreover, the acceleration displacement response spectrum 
is also evident. In Fig. 4(a) and Fig. 4(b) the dashed blue line (SD) is located to the left 
of the target displacement, indicating that column C5 fails in flexure. In Fig. 4(c) the 
same column fails in shear, as the dashed blue line (SD) is located to the right of the 
target displacement, and the dashed orange line (VR) precedes the target displacement. 
The yellow line represents the capacity curves. The blue line represents the elastic spec-
trum 𝜇𝜇(𝑒𝑒𝑙𝑙) = 1.00 and the green line represents the inelastic spectrum arising from the 
transformations of Eq. 6a and Eq. 6b KANEPE §7.2.6.2 [3]. The 𝑇𝑇∗ is the period of an 
elastic single degree of freedom system. 
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(a) (b) 

(c) 

Fig. 4. Capacity curves for column C5 for building A (a) reference (b) soft storey  
and (c) short columns 
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5 Results and Discussion 

5.1 Determination of seismic resistance of Second-degree pre-earthquake in-
spection and Non-linear static analysis 

In Table 7, the results of seismic resistance, in terms of base shear force for the ref-
erence buildings, those with short columns, and those with soft storey (pilotis) are pre-
sented. Fig. 5 presents, the results of shear forces considering good and poor construc-
tion detailing and wedging of masonry infill walls on the two upper floors. The results 
from the application of the methodology of the Second-degree pre-earthquake inspec-
tion are presented for both cases previously mentioned above, i.e. when data about re-
inforcement amounts of the vertical elements are available and when they are not avail-
able. Regarding the non-linear static analysis (pushover analysis), the value of the shear 
force presented in Table 7 is the maximum value obtained by the capacity curve of the 
structure, which appears before or during the point when the structure reaches “perfor-
mance level B”. The failure mechanism determined by applying the Second-degree pre-
earthquake inspection with known reinforcement data, was found to be flexural for the 
case of reference buildings and pilotis, while for the case of buildings with short col-
umns, it was found to be shear, in full agreement with the analysis results for both 
buildings. The values of the seismic resistance obtained when the Second-degree pre-
earthquake inspection was applied without reinforcement data were higher than those 
obtained using reinforcement data. This is reasonable considering that, for this case, 
only the shear strength of the members is taken into account. 

Table 7. Maximum Seismic Resistance 

 

BUILDING A BUILDING B 

Second degree pre-
earthquake Insp. Non-linear 

Static 
Analysis 

Second degree pre-
earthquake Insp. Non-linear 

Static 
Analysis Reinf. 

data 
No Reinf. 
data 

Reinf. 
data 

No Reinf. 
data. 

REFERENCE BUILDINGS 
No Infill 
Walls 

770.39 938.26 620.75 669.54 807.53 499.91 

Inf. W.g 1064.42 1232.29 660.62 997.10 1095.20 64.47 
Inf. W.p 878.70 1046.57 654.40 808.74 914.38 528.94 

BUILDINGS WITH SHORT COLUMNS 

Inf. W.g 642.57 625.47 854.00 423.94 412.60 865.00 
Inf. W.p 642.57 625.47 848.00 423.94 412.60 849.00 

BUILDINGS WITH SOFT STOREY 
Inf. W.g 676.06 823.37 634.95 585.85 706.59 544.07 
Inf. W.p 676.06 823.37 629.33 585.85 706.59 529.74 
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(a) 

(b) 

Fig. 5. Earthquake resistance obtained by Second degree pre-earthquake inspection (with and 
without considering reinforcement data) and Non-linear static analysis for (a) Good and (b) 

Poor construction detailing and wedging of infill walls 

5.2 Determination of the failure indices by Second-degree pre-earthquake in-
spection and Non-linear static analysis 

Fig. 6 and Fig. 7 demonstrate the values of failure indices (𝝀𝝀𝑺𝑺𝑺𝑺𝑺𝑺.) related to the Sec-
ond- degree pre-earthquake inspection [1], for both the cases of available, and unavail-
able (𝝀𝝀𝑺𝑺𝑺𝑺𝑺𝑺.,𝒗𝒗) reinforcement data. The corresponding values obtained by the non-linear 
static analysis (pushover analysis) for the failure index in terms of base acceleration 
(𝝀𝝀𝒂𝒂𝒂𝒂) and in terms of maximum failure index (𝝀𝝀𝒎𝒎𝒂𝒂𝒎𝒎) are also presented for good and 
poor construction detailing and wedging of masonry infill walls. The dashed line 
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indicates the value corresponding to the adoption of the behavior factor 𝒒𝒒 = 𝟐𝟐.𝟎𝟎 in the 
case of buildings with a soft storey (pilotis). 

 
Fig. 6. Failure indices obtained by Second-degree pre-earthquake inspection and Non-linear 

static analysis for good construction detailing and wedging of infill walls 

 

Fig. 7. Failure indices obtained by Second-degree pre-earthquake inspection and Non-linear 
static analysis for poor construction detailing and wedging of infill walls 

As can be observed from Fig. 6 and Fig. 7, failure indices 𝜆𝜆𝑆𝑆𝑒𝑒𝑐𝑐. are in very good 
agreement with 𝜆𝜆𝑎𝑎𝑔𝑔 in comparison to the failure indices 𝜆𝜆𝑐𝑐𝑎𝑎𝑚𝑚  of the columns. This can 
be explained considering that the failure indices 𝜆𝜆𝑐𝑐𝑎𝑎𝑚𝑚 represent local member deficien-
cies that can lead to incorrect conclusions about the overall behavior of the structure. 
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Table 8. Failure indices 𝜆𝜆 
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 Second-degree pre-earthquake inspection Non-linear 

Static Analysis 

v.2022 - 
Reinf. data 

v.2022 - 
No Reinf. 
data 

v.2018 - 
Reinf. data 

v.2018 - 
No Reinf. 
data 

𝜆𝜆𝑐𝑐𝑎𝑎𝑚𝑚  𝜆𝜆𝑎𝑎𝑔𝑔 

REFERENCE BUILDINGS 

 Α 

No 
Infill 
Walls 

1.90 1.56 2.24 1.84 2.30 1.61 

Inf. 
Wall.g 1.38 1.19 2.24 1.84 1.37 1.26 

Inf. 
Wall.p 1.67 1.40 2.24 1.84 1.37 1.18 

B 

No 
Infill 
Walls 

1.76 1.46 2.07 1.72 2.95 1.82 

Inf. 
Wall.g 1.23 1.08 2.07 1.72 1.41 1.63 

Inf. 
Wall.p 1.52 1.29 2.07 1.72 1.31 1.47 

BUILDINGS WITH SHORT COLUMNS 

Α 

Inf. 
Wall.g 2.25 2.32 2.51 2.58 1.83 2.00 

Inf. 
Wall.p 2.25 2.32 2.51 2.58 2.01 1.97 

B 

Inf. 
Wall.g 2.73 2.80 3.21 3.30 9.99 4.80 

Inf. 
Wall.p 2.73 2.80 3.21 3.30 2.64 1.97 

BUILDINGS WITH SOFT STOREY 
𝑞𝑞 2.0 1.5 2.0 1.5 1.7 1.3 1.7 1.3 - - 

Α 

Inf. 
Wall.g 2.17 2.89 1.78 2.37 2.55 3.33 2.09 2.74 2.01 1.80 

Inf. 
Wall.p 2.17 2.89 1.78 2.37 2.55 3.33 2.09 2.74 1.95 1.75 

B 

Inf. 
Wall.g 2.01 2.68 1.67 2.22 2.36 3.09 1.96 2.56 3.87 2.05 

Inf. 
Wall.p 2.01 2.68 1.67 2.22 2.36 3.09 1.96 2.56 2.54 1.88 
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Similar results are presented in Table 8 to evaluate the influence of the recent 
changes in the Secon-degree pre-earthquake inspection guidelines [1], showing the val-
ues of failure indices according to both versions of the provisions [1-2] along with the 
corresponding results from the non-linear static analysis (pushover analysis). As ob-
served, the values of failure indices according to the methodology of the pre-revised 
version [2] are consistently higher than those from the revised version [1], are inde-
pendent of the presence of masonry infill walls, and deviate more from the correspond-
ing results of the non-linear static analysis (pushover analysis). The main reason for 
these differences is that in the pre-revised version [2]: a) lower values are adopted for 
the available behavior factor 𝑞𝑞 (which for the cases examined is considered equal to 
𝒒𝒒 = 𝟏𝟏.𝟕𝟕 instead of 𝒒𝒒 = 𝟐𝟐.𝟎𝟎 that is dictated by the revised version [1]) and b) the con-
tribution of masonry infill walls to the seismic resistance of the structure is disregarded. 

It is observed that the failure indices are significantly higher for buildings with short 
columns and soft storey compared to the reference buildings in both the Second-degree 
pre-earthquake inspection and the non-linear static analysis (pushover analysis), for 
both types of masonry infill walls (Inf. Wall.g, Inf. Wall.p). For buildings with pilotis, 
the results from the Second-degree pre-earthquake inspection and the analysis converge 
more for a value of the behavior factor 𝑞𝑞 = 2.0 compared to the ones when the value 
𝑞𝑞 = 1.5 is used. Therefore, it is considered reasonable to adopt the value 𝑞𝑞 = 2.0 for 
the Second-degree pre-earthquake inspection for buildings with soft storey (pilotis). 
This could be interpreted considering that the deficiency of the soft storey, due to the 
non-uniform distribution of masonry infill walls along the height of the building, is 
already being considered through the vulnerability factor β. 

5.3 Categorization of buildings into Seismic Categories via the method of the 
Second-degree pre-earthquake inspection and Seismic Classifications as de-
fined by KANEPE 

In Table 9, the results of the classification of buildings into seismic categories ac-
cording to the Second-degree pre-earthquake inspection and seismic classes according 
to the approximate equation of the Greek Code of Structural Interventions - KANEPE 
[3] are presented. In all cases, the classification is being done according to the capacity 
factor 𝜹𝜹 = 𝟏𝟏/𝝀𝝀, where for seismic classes 𝜹𝜹 = 𝟏𝟏/𝝀𝝀 = 𝒂𝒂𝒂𝒂/𝒂𝒂𝒂𝒂,𝒓𝒓𝑺𝑺𝒓𝒓. The results of the 
Second-degree pre-earthquake inspection are presented for both the cases of known and 
unknown reinforcement amounts of the vertical elements (Second degree pre-earth-
quake inspection with / without reinforcement data respectively). 
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Table 9. Seismic Categories of Structures 
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Second-degree pre-earthquake inspection Non-linear Static 
Analysis 

Reinf. 
Data 
𝛿𝛿 = 1/𝜆𝜆 

Seismic 
Category-
Reinf. 
Data 

No Reinf. 
Data 
𝛿𝛿 = 1/𝜆𝜆 

Seismic 
cate-
gory-No 
Reinf. 
Data 

𝑎𝑎𝑔𝑔
𝑎𝑎𝑔𝑔,𝑔𝑔𝑒𝑒𝑓𝑓

 
Seismic 
Classes 
by 
KANEPE 

 REFERENCE BUILDINGS 

A 

Inf. 
W.g 

1/1.38=0.72 K2 1/1.19=0.84 K2+ 1/1.2= 
0.79 B2+ 

Inf. 
W.p 

1/1.67=0.60 K2 1/1.40=0.71     K2 1/1.1= 
0.85  B2+ 

Β 

Inf. 
W.g 

1/1.23=0.81  K2+ 1/1.08=0.93  K2+ 1/1.6= 
0.61 B2 

Inf. 
W.p 

1/1.52=0.66 K2 1/1.29=0.78 K2+ 1/1.4= 
0.68 B2 

 BUILDINGS WITH SHORT COLUMNS 

A 

Inf. 
W.g 

1/2.25=0.44 K3 1/2.32=0.43 K3 1/2.00= 
0.50 B3+ 

Inf. 
W.p 

1/2.25=0.44 K3 1/2.32=0.43 K3 1/1.97= 
0.51  B3+ 

Β 

Inf. 
W.g 

1/2.73=0.37 K3 1/2.80=0.36 K3 1/4.80= 
0.21      B4 

Inf. 
W.p 

1/2.73=0.37 K3 1/2.80=0.36 K3 1/1.97= 
0.51  B3+ 

 BUILDINGS WITH SOFT STOREY  

A 

Inf. 
W.g 

1/2.17=0.46 K3+ 1/1.78=0.56  K3+ 1/1.80= 
0.56 B3+ 

Inf. 
W.p 

1/2.17=0.46 K3+ 1/1.79=0.56  K3+ 1/1.75= 
0.57 B3+ 

Β 

Inf. 
W.g 

1/2.01=0.50 K3+ 1/1.67=0.60 K2 1/2.05= 
0.49 B3+ 

Inf. 
W.p 

1/2.01=0.50 K3+ 1/1.67=0.60 K2 1/1.88= 
0.53 B3+ 

It is observed that a great convergence exists between the seismic categories derived 
from the Second-degree pre-earthquake inspection and the corresponding seismic clas-
sifications outlined in KANEPE [3]. This convergence is particularly conspicuous in 
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cases where precise information regarding reinforcement amounts of the vertical ele-
ments was available. 

6 Conclusions 

In this present study, the reference buildings described in [5] were examined but 
considering the present of short columns and soft storey (pilotis) on the ground floor. 
The assessment of their seismic capacity was done by applying the approximate meth-
odology of Second-degree pre-earthquake inspection and results were validated by 
comparison with the corresponding ones of a non-linear static analysis (pushover anal-
ysis). Subsequently, failure indices were determined, leading to the structural categori-
zation of the buildings into seismic categories as defined by the Second-degree pre-
earthquake inspection and seismic classifications as derived by KANEPE [3]. The out-
comes derived from the examined buildings in this study lead to the following conclu-
sions. It is evident that further research is imperative, involving a more extensive ex-
amination of diverse building cases, to establish comprehensive and reliable conclu-
sions applicable to a broader spectrum of structures: 
 The failure mechanism determined by the Second-degree pre-earthquake in-

spection with available reinforcement data for vertical elements, was found to 
be flexural in the reference buildings and in buildings with a soft storey on the 
ground floor. In contrast, structures with short columns exhibited shear fail-
ures, notably attributed to the exceedance of the web's resistance in inclined 
compression. These findings were confirmed by the results derived from the 
non-linear static analysis (pushover analysis). 

 The buildings which were examined, with or without the existence of a soft 
storey or short columns, the failure indices (𝜆𝜆)  and corresponding seismic 
categories obtained when applying the Second-degree pre-earthquake inspec-
tion, were, in most case, in great convergence with the corresponding results 
of the non-linear static analysis (pushover analysis). In the analysis, failure in-
dices are given in terms of acceleration (𝜆𝜆𝑎𝑎𝑔𝑔) and seismic classifications are 
considered as defined in KANEPE [3]. The convergence between the values of 
the failure indices was lower for the case where reinforcement data were una-
vailable but as good regarding seismic classifications. However, it is impera-
tive to underscore that, under no circumstances, does this observation permit a 
direct correspondence between the seismic classifications according to 
KANEPE [3] and the corresponding seismic categories determined by the Sec-
ond-degree pre-earthquake inspection. 

 The seismic vulnerability of buildings with soft storey or short columns, com-
pared to the reference buildings, was confirmed in both methods in an equiva-
lent manner. 

 For the assessment of buildings with soft storey, using the methodology of the 
Second-degree pre-earthquake inspection, it is reasonable to use a behavior 
factor equal to 𝑞𝑞 = 2.0, rather than using the value of 𝑞𝑞 = 1.5. 
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Abstract. Compressive strength is the most essential design parameter of load-
bearing masonry structures. The performance of masonry under compression de-
pends on numerous parameters and is linked to the properties of its component 
materials, which enclose high variability, and to its geometrical characteristics 
and interlocking arrangement. Available predictive models are usually based 
only on few variables and therefore their estimates are liable to uncertainties. In 
this paper, the performance of four existing models for the estimation of the com-
pressive strength of masonry made of solid units, is evaluated. To this end, ex-
perimental data from tests on single-layered specimens made of solid clay bricks, 
and subjected to monotonic compression, were collected from the literature. The 
predictions of the four models are compared to the experimental strength of the 
masonry specimens. The performance of each model is assessed through statisti-
cal analysis indices. From the analysis, it is concluded that the examined predic-
tive models overestimate the masonry specimens with experimental strength less 
than 5 MPa. 

Keywords: masonry, compression, models 

1 Introduction 

Load-bearing masonry systems comprise a significant part of the building stock 
mainly in rural areas, but also in large urban centers around the world. Moreover, ma-
sonry structures represent the main method of construction of architecturally notewor-
thy structures of the world's cultural heritage. Even today, use of masonry remains a 
popular option for satisfying housing needs. The layout of load-bearing masonry build-
ings is realized with various structural configurations and numerous materials, such as 
natural or artificial masonry units (solid, perforated or frogged) and binding mortars of 
different composition, depending on the design requirements, the traditional construc-
tion practice and the local materials of each region. 

The primary mechanical property of load-bearing masonry in structural design is its 
compressive strength. As a consequence, research on the compressive behavior of ma-
sonry has been very popular among researchers for the past decades. The complexity 
of the stress transfer mechanisms developed in masonry subjected to compression and 
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the numerous factors that affect its ultimate failure stress, have been discussed since 
early 1900’s. 

The principal factors that have been determined to affect the masonry compressive 
behavior are the mechanical properties of its components [1 – 4], the thickness of the 
mortar joints [5, 6], the ratio with which the two materials participate in the masonry 
[7], and the bond properties between the two materials [8]. Also, the role of the slen-
derness ratio of the masonry, (h/t), the quality of construction and the interlocking ar-
rangement of its units in compressive strength are also emphasized in several studies. 

However, available models for estimating the compressive strength of masonry are 
expressed as a function, mainly, of the compressive strength of the units and mortar. 
Consequently, a large scatter in their predictions is typically observed. In the following 
sections, a preliminary assessment of the reliability of four predictive models proposed 
in Standards and by researchers is carried out, based on experimental results from com-
pression tests available in the published literature. 

2 Experimental Data 

To evaluate the models, results were collected from compression tests under mono-
tonic loading, on rectangular and square single-layered masonry prisms and rectangular 
single-layered wallettes, made of solid clay bricks and mortars of different composition 
(Figure 1). In total, 57 datasets of prism specimens and 29 datasets of wallette speci-
mens that failed in compression, were gathered and analyzed. Each dataset consists of 
3 or more specimens with the same characteristics. The datasets are derived from four 
experimental studies [7, 9 – 11], in which 234 prism and 92 wallette specimens, were 
constructed. 

Constituent Materials. The dimensions of the clay bricks used to construct the ma-
sonry specimens range from 100 to 228 mm in length, 96 to 112 mm in width, and 50 
to 78 mm in height, while the joint thicknesses range from 10 to 18 mm for horizontal 
joints and from 10 to 12 mm for the vertical. 

Fig. 1. Schematic illustration of prisms and wallettes 
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As binding material cement mortars, cement-lime mortars and lime mortars, with 
different composition proportions and a wide range of compressive strength were ap-
plied. Specifically, the compressive strength of the two components in the research pro-
grams considered range from 6.68 to 120.00 MPa for the clay bricks and from 0.69 to 
48.00 MPa for the mortar, as shown per type of specimen in Table 1. Table 2 displays 
the number of datasets divided in sub-ranges of compressive strengths for the units and 
mortar of the collected database. 

Table 1. Range of compressive strength of units and mortars per type of specimen 

Component  
Prisms Wallettes 

Compressive Strength (MPa) 

Units 
min 6.68 

max 120.00 

Mortars 
min 0.69 4.00 
max 48.00 48.00 

Table 2. Datasets categorized by compressive strength of each material 

  Compressive Strength of Units (MPa) 

Type of specimen  ≤ 25  > 25, ≤ 50 > 50, ≤ 75 > 75  

Prism Number of  
datasets 

31 12 10 4 

Wallette 18 4 5 2 

  Compressive Strength of Mortar (MPa) 

Type of specimen  ≤ 5  > 5, ≤ 15 > 15, ≤ 30 > 30  

Prism Number of  
datasets 

12 23 11 11 

Wallette 4 12 6 7 

Masonry Specimens. The masonry specimens consist of 2 to 8 and 2 to 6 layers of 
clay bricks in height, for the prisms and wallettes, respectively, assembled with full 
mortar joints. Their height-to-thickness ratios (h/t) range from 1.15 to 5.00 for the prism 
specimens and from 1.15 to 3.65 for the wallettes. Table 3 illustrates the ranges of 
strength and geometrical characteristics of the two types of masonry specimens in-
cluded in the collected experimental data. 
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Table 3. Range of strength and geometrical characteristics of masonry specimens 

Property  Prisms Wallettes 

Compressive Strength 
(MPa) 

min 1.22 1.10 
max 39.80 46.70 

Length (mm) 
min 100 210 

max 228 430 

Thickness (mm) 
min 96 96 

max 112 100 

Height (mm) 
min 110 110 

max 500 350 

3 Predictive Models 

In this section, are presented the equations included in the European (ΕΝ 1996–1–1) 
[12] and American (TMS 602 – 11/ACI 530.1 – 11/ASCE 6 – 11) [13] Standard, as 
well as two more models which have been proposed by T.P. Tassios [14] and G. Rossi 
[15]. It is further stated that the model of T.P. Tassios [14], is also adopted by the Greek 
Code for the assessment and structural interventions of masonry structures [16]. 

European Standard ΕΝ 1996-1-1 [12]. The model is utilized for the design of ma-
sonry structures with binding material mainly of cement mortars, in which the arrange-
ment of the units in height is implemented in regular layers. For masonries constructed 
from solid unit blocks with general-purpose mortar, the compressive strength results 
from equation (1): 

3.07.0
mod 55.0 mb fff ⋅⋅=  (1) 

where modf  is the compressive strength of masonry [MPa], bf  is the compressive 

strength of units [MPa] and mf  is the compressive strength of mortar [MPa]. 
American Standard [13]. The equation provided by the American Standard TMS 

602 – 11/ACI 530.1 – 11/ASCE 6 – 11 (TMS/ACI/ASCE) for predicting the compres-
sive strength of masonry, is based on the compressive strength of units and the type of 
mortar applied. According to this model, the compressive strength of the masonry is 
calculated as follows: 

)400(mod bfBAf ⋅+⋅=  (2) 
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where modf  is the compressive strength of masonry [psi], bf  is the compressive 

strength of units [psi], A  is a factor equal to 1 for masonry constructed under super-
vision and B  is a factor equal to 0.2 for lime-cement mortar type Ν and 0.25 for lime-
cement mortar type S or M, as defined in the Standard. For the mortars of the specimens 
of this paper, type S/M is assumed for mortar’s compressive strength equal to or greater 
than 10 MPa and type N for compressive strength less than 10 MPa. It is recalled that 
1 psi is equal to 0.0068947573 MPa. 

Model T.P. Tassios [14]. The proposed relationship links the compressive strength 
of the masonry, with the ratio of the joint thickness to the height of the units, the com-
pressive strength of the units and, if applicable, the compressive strength of the mortar. 
The strength of masonry is calculated from equation (3): 

)8.01()](40.0[ 3 α⋅−⋅−⋅+ mbm fff , for mb ff   

=modf  

)8.01( 3 α⋅−⋅bf , for mb ff   

(3) 

where modf  is the compressive strength of masonry [MPa], bf  is the compressive 

strength of units [MPa], mf  is the compressive strength of mortar [MPa] and α  is the 
ratio of the horizontal mortar joints thickness to the height of the units. 

Model G. Rossi [15]. Guido Rossi proposes a logarithmic relationship to predict the 
compressive strength of masonry constructed with solid or perforated – with vertical or 
horizontal holes – units and different mortar arrangements. For masonry consisting of 
solid units and mortar of general application, the compressive strength is expressed by 
equation (4): 

)510log(mod +⋅⋅⋅= m
b f

f
A
Sf

α
 (4) 

where modf  is the compressive strength of masonry [MPa], bf  is the compressive 

strength of units [MPa], mf  is the compressive strength of mortar [MPa], S  is the total 

area of the units that is filled with the mortar of the horizontal joints [cm2], A  is the 
total horizontal area of the units, resulting from the product of their width over their 
length, without removing potential holes [cm2] and α is a factor as follows: α = 5 for 

solid units with compressive strength bf > 10 MPa, while α = 4 for bf < 10 MPa. 

4 Statistical Analysis Indices 
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In this work statistical indices based on the ratio of the estimated, modf , to the exper-

imental, expf , masonry strength ( expmod / ff ) are used for the evaluation of the pre-

dictive models. More precisely, the statistical indices calculated are: the mean, the co-
efficient of variation and the average absolute error of estimation. The relationships of 
those indices are discussed in the next two subsections. 

Mean and coefficient of variation. Mean, designates the average of the ratios 

expmod / ff  as shown in equation (5). For mean values greater than unity the experi-

mental strength is overestimated, which demonstrates that the model predictions are 

unsafe. For ratios expmod / ff < 1, the model is safe. Too low values imply that the 

model tends to underestimate the actual compressive strength of the specimen. 
The coefficient of variation, COV, is calculated from equation (6). It is noted that 

lower values of COV indicate better predictive capacity of the model. The mean  and 
the coefficient of variation of the ratios of the two variables (COV), are calculated by 
the relations: 
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where mean  is the average value of the ratios ii ff exp,mod, /  of a database with n  

datasets, ii ff exp,mod, ,
 are the estimated and the experimental compressive strength, 

respectively, of a dataset with index i  and COV  is the coefficient of variation for the 
datasets considered. 

Average absolute error of estimation. The index of average absolute error (Aver-
age Absolute Error – AAE) [17, 18], expresses – on average – the relative error between 
the estimated and experimental masonry compressive strength of a database, as a per-
centage of the experimental strength. The relation that provides the average absolute 
error of the estimation is defined as shown in equation (7): 
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where AAE  is the average absolute error of estimation, ii ff exp,mod, ,
 are the esti-

mated and the experimental compressive strength, respectively, of an - i dataset and n  
is the number of datasets included in the database. 

5 Results 

The compressive performance of the two types of specimens is, as expected, differ-
ent. The presence of vertical joints in the wallettes increases their horizontal defor-
mation during compression and as a consequence reduces quite frequently their ability 
of resistance. For this reason, the evaluation of the design models is carried out sepa-
rately for the two types of specimens. 

Figure 2 demonstrates the comparison between experimental strengths, expf , and 

estimated strengths, modf . The circular points represent the prism specimens and the 

diamonds the wallettes. The points on the bisector correspond to modf  = expf . The 

points in the diagrams included between the bisector and the upper dashed line corre-
spond to overestimation of the model up to 20%. Similarly, the points included below 
the bisector and between the lower dashed line indicate that the model underestimates 
up to 20% the experimental strength of specimens. 

Table 4 presents the results of the statistical analysis indices shown in section 4, 
which qualitatively capture the degree of reliability of the predictions of the models of 
section 3, for the two types of specimens. 

As demonstrated in Fig. 2, the predictive models tend to overestimate the 
compressive strength of prisms and wallettes with experimental strength lower than 5 
MPa. For greater experimental strengths, EN 1996-1-1 estimations are better for 
wallettes in comparison to prism specimens. 

For this range of compressive strengths, the predictions of TMS 602 model are, 
mainly, conservative. The model significantly underestimates the experimental 
strengths of both types of specimens constructed with units and mortars of very high 
compressive strength. That is probably due to the equation of the American Standard 
which ignores the compressive strength of mortar and its contribution to masonry’s 
strength. 

In contrast, specifically for prism and wallette specimens which are constructed with 
masonry units of very high compressive strength, the estimations of the Rossi model 
are in general much higher from experimental strengths. 

The model Tassios, results quite good estimated strengths for both types of wall 
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specimens, as shown from the diagrams of Fig. 2 and the statistical indices in Table 4. 
  

 
                               

 

Fig. 2. Comprarison between experimental strengths expf  and estimated strengths modf  
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Table 4. Statistical indices for the database per type of specimen (P: Prisms, W: Wallettes) 

Models 
∑=

n

i ii ff
1 exp,mod, )/(  

AAE  
mean  COV  

P W P W P W 

ΕΝ 1996–1–1 [12] 1.54 2.20 0.59 0.49 0.75 1.24 

TMS/ACI/ASCE [13] 1.33 1.93 0.63 0.53 0.61 1.06 

T.P. Tassios [14] 1.18 1.62 0.54 0.47 0.48 0.75 

G. Rossi [15] 1.42 1.89 0.49 0.37 0.66 0.91 

6 Conclusions 

In this paper the reliability of four models to predict the compressive strength of 
masonry specimens consisting of solid clay bricks and different types of mortars, is 
examined. For that purpose an experimental database of compression tests, under mon-
otonic loading, on prism and wallette specimens, was assembled. 

The processing of the data was carried out by type of specimen. From the analysis 
of the results the following conclusions are drawn for the sample of the database pre-
sented in this paper: 

• The predictive models significantly overestimate the compressive strength of ma-
sonry specimens with experimental strength lower than 5 MPa for both types of 
specimens 

• The estimated strengths of the model calculated according to ΕΝ 1996–1–1, for 
the masonry specimens with experimental strength greater than 5 MPa, are placed 
better in the comparison diagrams for the wallettes than for the prism specimens. 

• The predictions of TMS 602 model, for the specimens with experimental strength 
greater than 5 MPa, are in general conservative 

• The estimations of Tassios model result in quite good estimated strengths and 
statistical indices for both types of wall specimens 

• The model proposed by Rossi mainly overestimates the experimental strengths of 
both prism and wallette specimens 
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Abstract. After a large magnitude earthquake event, the direct estimation of its 
Seismic Source Spectrum (SSS) is important to estimate the energy content of 
the seismic source in broad-band frequency range. This direct knowledge of the 
SSS, except for the fact that can directly provide information about the Moment 
Magnitude of the earthquake, constitutes also, in frequency domain, that infor-
mation, which is required to the Fourier Amplitude Spectra (FAS) simulation of 
the real-input seismic motion, in several target sites close to the source for which 
no earthquake recordings exist. In this study, the computation of the SSS of an 
earthquake is based on a single-station analysis algorithm by applying the spec-
tral factorization method on the coda wave part of a seismic record. An applica-
tion of this algo-rithm is implemented here for the Mw = 6.1 Cephalonia Island 
earthquake of 26/01/2014. The corresponding SSS, computed for several stations 
away from the source, are compared with the average SSS retrieved by standard 
applied method. The comparison results strongly encourage application and de-
velopment of this SSS computation approach. 

Keywords: Seismic Source Spectrum, Coda waves, Near-field motion estima-
tion 

1 Introduction 

Simulation of seismic ground motion or its Fourier Amplitude Spectrum (FAS) at 
specific sites close to a seismic fault, is significant in understanding the amount of en-
ergy that affected the nearby constructions. Realistic simulation is directly related to 
the knowledge of fault rupture, or in other words of its Source Time Function (STF). In 
most of large magnitude earthquakes (M ≥ 6.0), the STF estimation is achieved through 
relevant time-consuming processes (e.g. the method of Empirical Green’s Functions, 
[1], [2], [3]) that requires selection and combination of several earthquake records quite 
close to the seismic source, so as to converge to a single-accepted STF solution. Ιn other 
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cases, the STF estimation is impossible to be extracted, since not enough number οf 
earthquake records exist close to the seismic source due to the lack of installed stations. 
For this reason, to estimate a STF, proper use of remote stations with respect to seismic 
source, is an issue that requires further research. 

In this short study the applied methodology that uses the coda waves part of an earth-
quake recording, based on a particular property related to their “generation” natural 
mechanism, as firstly studied in [4], [5], and [6], seems that can provide Seismic Source 
characteristic by using remote stations with respect to the Source. Moreover, this meth-
odology can be directly applied to a single earthquake-station record, without requiring 
the combination of several records of the same earthquake, being also feasible to make 
the computation in real time, after a few minutes of the earthquake occurrence and its 
origin time determination. 

Except for the STF, its Fourier Amplitude Spectrum (FAS) is an essential infor-
mation about the characteristics of the amount of seismic source energy releasement 
per each frequency, albeit it does not directly provide the time domain characteristics 
of the fault rupture. A methodology where the FAS of an earthquake can be estimated 
based on a single station analysis, by using the coda wave part of an earthquake record 
has been introduced in [7]. Moreover, based on this study ([7]), the unique produced 
wavelet, which corresponds to the minimum phase scenario of the extracted FAS, is 
similar to the real STF, which is general considered as a simple pulse, corresponding to 
a point source for low magnitude earthquakes. In large magnitude earthquakes the point 
source scenario is generally not the expected one, considering that the fault rupture is a 
relevant complicated function of space and time. 

In this study an effort in retrieving the FAS of a large earthquake (Mw = ~6.1), based 
on this coda wave analysis [7], was implemented using the modified coda wave analysis 
algorithm developed in [8]. The examined earthquake is the one occurred in western 
Greece, on Cephalonia Island and it was chosen since its source characteristics were 
known by other studies and could validate the results extracted by the present research 
study. 

It’s worth noting that the coda wave analysis was applied to stations located on non-
reference sites after removing their corresponding Site Amplifications Factor, as they 
were determined by [8], since no records were available by accelerographs located on 
rock site. 

2 Methodology  

Computation of the Fourier Amplitude Spectrum (FAS) of a seismic source, is based 
on a single station analysis proposed in [7], applied on the coda waveform of an earth-
quake record (e.g. Fig.1.). This analysis can be applied in 7 steps (Fig.2.), as defined in 
[8], plus one more aiming to scale the corresponding FAS of the seismic source. The 
analysis is based on the following fundamental equation (1) that relates the Power Spec-
tral Density (PSD), Rij(f, t′) of a coda wave window, centred at travel time, t′, with the 
corresponding PSD of the Seismic Source, Wi(f), of Ec, coda excitation factor, of 
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Attenuation Path, |AC(f, t′)|2 and of Site Amplification Factor (SAF(f)2 = N_j (f)), at a 
station, j and a source, i ([4], [5], [6]): 

𝑅𝑅𝑖𝑖𝑗𝑗(𝑓𝑓, 𝑡𝑡′) = 𝑊𝑊𝑖𝑖(𝑓𝑓)‧𝐸𝐸𝑐𝑐‧|𝐴𝐴𝐶𝐶(𝑓𝑓, 𝑡𝑡′)|2‧ 𝑁𝑁𝑗𝑗(𝑓𝑓) (1) 

where: 

|𝐴𝐴𝑐𝑐(𝑓𝑓, 𝑡𝑡′)|2 =  
1

(𝑣𝑣𝑠𝑠‧ 𝑡𝑡′)2
𝑒𝑒−

2𝜋𝜋𝑓𝑓𝑢𝑢′
𝑄𝑄𝑐𝑐(𝑓𝑓)  (2) 

and 

𝑊𝑊𝑖𝑖(𝑓𝑓) =  
��̇�𝛺𝑖𝑖(𝑓𝑓)�2

10𝜋𝜋𝜌𝜌𝛽𝛽5
 (3) 

following the source model given in [9]. 
The attenuation factor (Eq. (2), [5], [6], [10]), except for the travel time, 𝑡𝑡′, is con-

trolled by the average shear wave velocity, 𝑣𝑣𝑠𝑠 of the total examined area, as well as by 
the frequency dependent quality factor, 𝑄𝑄𝑐𝑐(𝑓𝑓) of the coda waves. The PSD of the seis-
mic source, 𝑊𝑊𝑖𝑖(𝑓𝑓), is controlled by its corresponding FAS, �̇�𝛺𝑖𝑖(𝑓𝑓) and is scaled by the 
average shear wave velocity, 𝛽𝛽 and density, 𝜌𝜌 close to the fault. 

The 𝑅𝑅𝑖𝑖𝑗𝑗(𝑓𝑓, 𝑡𝑡′) is also controlled by the coda wave excitation factor, 𝐸𝐸𝑐𝑐 ([11]) as fol-
lowing: 

𝐸𝐸𝑐𝑐  =  
1
𝜋𝜋‧𝑙𝑙

 (4) 

where, l (in meters) is the mean free path factor ([6]), expressing the fractional loss 
of energy per unit travel distance of the shear waves from the source to the receiver, 
due to the wave scattering by the lithosphere heterogeneities ([12]). All those scattered 
waves arrive late in time, after the main seismic motion of the direct P and S-waves, 
with reduced amplitudes in time, due to the longer travel distances and they actually 
form the “tail” of the seismograms (e.g. Fig.1.). 

The first two steps of the coda wave analysis, refer to the signal pre-processing cor-
rections related to the instrument characteristics, as well as to a suitable Signal to Noise 
Ratio (SNR) analysis determined in [8], so as to detect the good quality coda wave 
record which is able to extract the reliable FAS of the seismic source. 
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Fig. 1. An example of an earthquake record, where the P, S and Coda wave arrival times are de-
picted, in green, orange and red vertical lines, respectively 

 

Fig. 2. The flowchart of the 7 steps applied by the examined coda wave analysis, for the estima-
tion of the average – scaled by the mean free path factor, 𝐹𝐹𝐴𝐴𝑆𝑆[STF𝑠𝑠𝑐𝑐]  (in displacement) 

(modified by [8]) 

In the third step the common for the three components (EW, NS and vertical one) 
frequency dependent coda wave Quality factor, 𝑄𝑄𝑐𝑐(𝑓𝑓) is estimated, as well as its stand-
ard deviation, based on the process introduced in [5] and analytically explained in [13]. 
In the fourth step the frequency dependent and distance dependent attenuation factor is 
removed in time domain by each component of the source-site coda wave record, based 
on the deconvolution ([14]) of all the progressive in time, 𝑡𝑡′ minimum phase wavelets, 
𝐴𝐴𝐶𝐶(𝑡𝑡, 𝑡𝑡′)𝑐𝑐𝑖𝑖𝑛𝑛 (Eq. (2)), as analytically explained in [8]. By this way the three component 
coda wave records (e.g. Fig.3., top) are “corrected” for the attenuation factor and three 
stationarized waveforms are “created” (e.g. Figure 3, bottom). These three waveforms 
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are directly reduced to the source, but they are still scaled by the constant mean free 
path factor (Eq. (1) and (4)). 

 
Fig. 3. An example of a real coda waveform (top) and of the corresponding corrected for the 

attenuation factor, stationarized coda waveform (bottom) 

In the fifth step of the coda wave analysis algorithm (Figure 2) the scaled FAS of the 
𝑆𝑆𝑇𝑇𝐹𝐹̇  (in velocity) at each horizontal component 𝐹𝐹𝐴𝐴𝑆𝑆[𝑆𝑆𝑇𝑇𝐹𝐹̇ 𝑐𝑐𝑔𝑔𝑐𝑐𝑝𝑝𝑠𝑠𝑐𝑐 ]) is extracted (e.g. Fig-
ure 4a), being uncorrected for the low frequency noise effect, related to the SNR pro-
cess. Finally, at the sixth step the two horizontal components STF (in velocity) are cu-
mulatively combined in terms of energy according to the following formula: 

𝐹𝐹𝐴𝐴𝑆𝑆[𝑆𝑆𝑇𝑇𝐹𝐹̇ 𝑠𝑠𝑐𝑐] = � 𝐹𝐹𝐴𝐴𝑆𝑆[𝑆𝑆𝑇𝑇𝐹𝐹̇ 𝐸𝐸𝐸𝐸𝑠𝑠𝑐𝑐 ]2 + 𝐹𝐹𝐴𝐴𝑆𝑆[𝑆𝑆𝑇𝑇𝐹𝐹̇ 𝑁𝑁𝑆𝑆𝑠𝑠𝑐𝑐 ]2 (5) 

concluding to the average, scaled by the mean free path factor, 𝐹𝐹𝐴𝐴𝑆𝑆[𝑆𝑆𝑇𝑇𝐹𝐹̇ 𝑠𝑠𝑐𝑐] (in ve-
locity). It’s worth noting that the standard deviation of each 𝐹𝐹𝐴𝐴𝑆𝑆[𝑆𝑆𝑇𝑇𝐹𝐹̇ 𝑐𝑐𝑔𝑔𝑐𝑐𝑝𝑝𝑠𝑠𝑐𝑐 ]), is consid-
ered in the average 𝐹𝐹𝐴𝐴𝑆𝑆�𝑆𝑆𝑇𝑇𝐹𝐹̇ 𝑠𝑠𝑐𝑐� computation, based on the propagation error method. 

In the seventh step (Fig.2.), the average, scaled by the mean free path factor, 
𝐹𝐹𝐴𝐴𝑆𝑆[STF𝑠𝑠𝑐𝑐] in displacement is determined after dividing by the frequency dependent, 
2πf, factor (f ≠ 0) (e.g. Fig.4b). Here it must be clarified that this 𝐹𝐹𝐴𝐴𝑆𝑆[STF𝑠𝑠𝑐𝑐] refers to 
the good quality part of the coda waves in frequency domain defined after the suitable 
Signal to Noise Ration process and it is still affected by the low frequency noise. In 
general, in case that the minimum phase wavelet corresponding to 𝐹𝐹𝐴𝐴𝑆𝑆[STF𝑠𝑠𝑐𝑐] is 
wished to be computed, this low frequency noise effect must be corrected in an extra 
step, to a low frequency plateau (e.g. Fig.4b), as it is normally expected for the STF 
which must be a positive wavelet representing the moment rate in time. 
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Fig. 4. (a) An example of a 〖FAS[(STF) ̇〗_comp^sc]) (Eq. (5)), in velocity (for the EW com-
ponent) and of its standard deviation, for the ML = 4.3 earthquake of 20190117_214639. Be-

tween the vertical dashed lines, the reliable frequency range is defined based on the already ap-
plied SNR process (b) An example of a FAS[(STF) ̇^sc] (in displacement) (Eq. (5)). In horizon-
tal black dashed line, the low frequency plateau correction on the non-reliable frequency part, is 

depicted 

3 Data 

The data used in this study refer to the coda wave part (e.g. Fig.1.) of five, 3-com-
ponent, seismic records, corresponding to the 𝑀𝑀𝑤𝑤 = 6.1 (±0.2) (𝑀𝑀𝐿𝐿 = 5.8) earthquake 
occurred in western Greece (Cephalonia island, 26/1/2014, GMT: 13:55:43, Lat: 
38.1522o, Long: 20.3912o, Depth: ~15 km, as given by the Seismological Station of 
Aristotle University of Thessaloniki and confirmed in [15]) (Fig.5.). The examined 
earthquake records correspond to the accelerograph stations: PRE2, MSL1, PAT4, 
KAC1 and ZAK2, which belong to the Institute of Engineering Seismology and Earth-
quake Engineering (ITSAK). These recordings were selected in this study, since they 
were the only ones that included coda wave records appropriate to be analyzed and 
were not interrupted by the occurrence of other local earthquake recordings. Regarding 
the characteristic of the examined Seismic Source of the Cephalonia earthquake the 
fault process of this earthquake was related to the Cephalonia Transform Fault zone 
([16]), as it is indicated in [17] and was dominated mainly by a dextral strike slip motion 
(Figure 5). Also, based on the rupture process study of this earthquake which was car-
ried out in [15], the fault strike lies on NNE-SSW direction, and its plane is steeply 
dipped to the East (Fig.5.). 
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Fig. 5. The examined area (western Greece). In red asterisk the location of the Cephalonia 

earthquake is depicted ([15] and Seismological Station of Aristotle University of Thessaloniki), 
as well as its focal mechanism ([17]) and the rupture direction (red arrow).  The location of the 
five examined stations (Institute of Engineering Seismology and Earthquake Engineering), are 

presented in blue triangles 

4 Results 

Based on the coda wave analysis mentioned above, the scaled Fourier Amplitude 
Spectra, 𝐹𝐹𝐴𝐴𝑆𝑆�𝑆𝑆𝑇𝑇𝐹𝐹̇ 𝑠𝑠𝑐𝑐� (Eq. (5), e.g. Figure 4a), in velocity, of the 𝑀𝑀𝑤𝑤 = 6.1, Cephalonia 
earthquake, for the horizontal component, were determined for the five examined sta-
tions (Fig.5.). Then the corresponding scaled 𝐹𝐹𝐴𝐴𝑆𝑆[STF𝑠𝑠𝑐𝑐] in displacement were com-
puted by dividing the 𝐹𝐹𝐴𝐴𝑆𝑆�𝑆𝑆𝑇𝑇𝐹𝐹̇ 𝑠𝑠𝑐𝑐� ], with 2πf (f ≠ 0). Finally, these 𝐹𝐹𝐴𝐴𝑆𝑆[STF𝑠𝑠𝑐𝑐] results 
were divided by the coda excitation factor, 𝐸𝐸𝑐𝑐 (Eq. (4)), based on Eq. (1), so as to be 
scaled. The mean free path value, 𝑙𝑙 (Eq. (4)) was considered equal to 253 km, as it was 
determined in [8], examining plethora of low to moderate magnitude earthquakes in 
this area (western Greece) and scaling the computed 𝐹𝐹𝐴𝐴𝑆𝑆[STF𝑠𝑠𝑐𝑐] with the extracted 
ones by a Generalized Inversion Technique application for the same dataset ([18]). Ex-
cept for the average value of 𝑙𝑙, its standard deviation range, in logarithmic scale (88 km 
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– 727 km), which was also determined in [8], was considered in order to take into ac-
count the statistical uncertainties at the 𝐹𝐹𝐴𝐴𝑆𝑆[STF] estimation. In Figure 6 the unscaled 
𝐹𝐹𝐴𝐴𝑆𝑆[STF] results of the examined earthquake, for the five examined station, are pre-
sented. It’s worth noting that these 𝐹𝐹𝐴𝐴𝑆𝑆[STF] are also corrected for the corresponding 
known frequency dependent average Site Amplification Factors (SAF(f)), as they were 
computed in [8]. The correction was achieved in frequency domain by dividing the 
𝐹𝐹𝐴𝐴𝑆𝑆[STF] with the corresponding SAF(f). 

Fig. 6. The examined area (western Greece). In red asterisk the location of the Cephalonia 
earthquake is depicted ([15] and Seismological Station of Aristotle University of Thessaloniki), 
as well as its focal mechanism ([17]) and the rupture direction (red arrow).  The location of the 
five examined stations (Institute of Engineering Seismology and Earthquake Engineering), are 

presented in blue triangles 

The moment magnitudes, Mw, separately extracted by each one 𝐹𝐹𝐴𝐴𝑆𝑆[STF] (Fig-
ure 6), are quite close to the Mw = 6.04±0.20, determined in [15], [17] and by the Seis-
mological Station of Aristotle University of Thessaloniki, while their average, 
𝑀𝑀𝑤𝑤= 6.08±0.20 (Figure 7a) and its standard deviation indicate reliable results regarding 
the scaling of the 𝐹𝐹𝐴𝐴𝑆𝑆[STF]. Moreover, a quite good agreement is presented between 
all the 𝐹𝐹𝐴𝐴𝑆𝑆[STF] and their standard deviation range at each station, with respect to the 
corresponding average 𝐹𝐹𝐴𝐴𝑆𝑆[STF] extracted by an alternative methodology performed 
in [15], up to 0.2 Hz, which is the higher frequency limit of their computation. Also, 
the results by the coda wave analysis gave Fourier Amplitude information in higher 
frequencies up to ~5 Hz, where in Figure 7a, it seems that they satisfactorily agree be-
tween each other. This result also supports reliability of the examined 𝐹𝐹𝐴𝐴𝑆𝑆[STF] 
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estimation approach, although corresponding information in higher frequencies do not 
exist by other methodologies to compare. 

Finally, in this study an effort was made in retrieving the Source Time Function 
wavelets, of the examined earthquake, at each station, based on the computed 
𝐹𝐹𝐴𝐴𝑆𝑆[STF] (Fig.6.) and on the minimum phase scenario, as proposed in [7]. The results 
presented in Fig.7b, confirm that the minimum phase scenario in large magnitude earth-
quake like the examined one, (Mw = ~6.1) does not satisfactory simulate how the energy 
releases in time (Fig.7c). However, as it is presented in Fig.7d, based on the total energy 
release computations of Fig.7c, the 95% of the total energy release by the minimum 
phase STF wavelets (average ~12.5 sec), is in good agreement with the actual fault-
rupture duration (~12.1 sec) estimated in [15]. This indicates that the minimum phase 
scenario could reveal this important information of the seismic source. 

Fig. 7. (a) The 𝐹𝐹𝐴𝐴𝑆𝑆[STF] of the examined earthquake computed in this study (Fig.6.), for each 
one of the five stations (multi-color lines), their average one (black line) and the 𝐹𝐹𝐴𝐴𝑆𝑆[STF] (red 

line) computed by [15], using Other Methodology (O.M.). (b) The corresponding to each 
𝐹𝐹𝐴𝐴𝑆𝑆[STF] of Figure 7a, minimum phase wavelets (c) The total energy release of each minimum 
phase wavelet of Figure 7b (d) The duration of each minimum phase wavelet of Fig.7b, corre-

sponding to 95%, 97% and 99% of the total energy release of Fig.7c 
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5 Conclusions 

In this study an application of the Spectral Factorization of Coda waves (SFC) meth-
odology, proposed in [7], was applied for a large magnitude earthquake, Mw = ~6.1, in 
Cephalonia Island 9 (26/1/2014), aiming at retrieving the Fourier Amplitude Spectrum 
(FAS) of its Source Time Function (STF). Five FAS[STF]s were computed for five 
accelerograph stations located in western Greece, recorded the earthquake in epicentral 
distances from ~60 km to 120 km. These FAS[STF]s results are in satisfactory agree-
ment with the corresponding FAS[STF]s determined in [15] at least up to ~0.2 Hz, the 
upper frequency limit of the latter. Moreover, the computed seismic moment magni-
tudes determined separately by these FAS[STF]s, as well as their average (𝑀𝑀w= 
6.08�}0.20), are in very good agreement with the corresponding magnitude determined 
in [15], [17] and by the Seismological Station of Aristotle University of Thessaloniki. 
In general, the FAS[STF]s of this study exhibits a satisfactory agreement between each 
other, providing information up to ~5 Hz. This agreement and stability of the results is 
encouraging to assessing reliably and rapidly seismic source properties based on coda 
waves. 

Finally, an effort in retrieving the minimum phases STF wavelets was implemented. 
Based on the results it can be concluded that the minimum phase scenario does not 
satisfactorily agree with the STF estimated in [15]. Consequently, it seems that the 
methodology applied in this study cannot accurately estimate STF of complex seismic 
sources (e.g. M ≥ 6.0). However, based on the estimated minimum phase STF wave-
lets, it results that their duration which corresponds to 95% of the total energy release 
(11.5-13.1 sec), is in very good agreement with the respective STF duration (~12.1 sec) 
estimated in [15]. After all, it can be concluded that the methodology applied in this 
study can reliably and quickly estimate important properties of the seismic source, even 
for large magnitude earthquakes. Consequently, estimation of strong ground motion in 
the near field can be greatly supported by the methodology applied in this work. 
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Abstract. The aim of this study is the seismic assessment of a historical two-
storey masonry building, located in the city of Rhodes and the investigation of 
intervention ways to strengthen the building and improve the mechanical charac-
teristics of its materials. The 3DR.PESSOS software was used for the simulation 
and analysis of the structure. For the evaluation of the seismic behaviour of the 
building, an elastic static analysis (lateral force analysis) was carried out based 
on the Greek Code for Structural Interventions of Masonry Structures. Elastic 
static analysis methods with global behaviour factor (q) or local ductility indices 
(m) were applied for performance levels B1 and B2. From the analyses and the 
code checks it was concluded that the building is vulnerable to in-plane and out-
of-plane actions. For this reason, methods of intervention are being investigated 
to increase the diaphragm function of the building and to improve the mechanical 
characteristics of the masonry. 

Keywords: Seismic Assessment, Historical Building, Unreinforced Masonry 

1 Introduction 

Masonry buildings until the mid-19th century constituted the majority of the built 
environment not only in Greece but all over the world. Despite the fact that it was one 
of the oldest materials, knowledge regarding its mechanical behaviour was limited. In 
the 1970's, an intense research interest began, which continues to this day, mainly due 
to the need to preserve old structures that constitute cultural heritage monuments. It had 
been proven that the methods of preservation and strengthening that had been used in 
the past were ineffective and sometimes even dangerous [1]. 

The seismic codes currently in force for the assessment and retrofitting of masonry 
buildings are Eurocode 8 - Part 3 [2] and the more recent Greek Code for Structural 
Interventions of Masonry Structures [3], which has been in force since 2023. The pur-
pose of the Greek Code for Structural Interventions of Masonry Structures is to estab-
lish criteria for the assessment of the load-bearing capacity of existing masonry struc-
tures and their redesign after possible interventions (repairs, retrofits). Other method-
ologies have been proposed that lead to interventions with respect for the cultural and 
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archaeological characteristics of the structure [4]. Examples of strengthening schemes 
on cultural structures or bridges are presented in [5,6] while the application of non-
destructive techniques for the investigation and rehabilitation of historical masonry 
structures or monuments are presented in [7-9]. Papanicolaou et al. [10] experimentally 
investigated the effectiveness of textile reinforced mortar (TRM) as strengthening ma-
terial of unreinforced masonry walls subjected to out-of-plane cyclic loading, and it 
was concluded that TRM jacketing provides a substantial gain in strength and deform-
ability. 

In this study, an evaluation of a historical masonry building, located in Rhodes, is 
carried out based on the Greek Code for Structural Interventions of Masonry Structures. 
Specifically, it is checked whether the minimum requirements of its load-bearing ca-
pacity are met both during the assessment and during its redesign, after the proposed 
interventions. Under certain conditions, the minimum load-bearing capacity require-
ments for the assessment and redesign of an existing structure may be reduced com-
pared to the provisions of the current design codes for new structures. 

2 Case Study 

2.1 Historical data – Building location 

In 1522, when Rhodes was occupied by the Ottomans, the decisive measure in form-
ing the new living conditions for the next 400 years was the removal of the Greeks from 
the walled city. Thus, in order to meet the needs of the persecuted population, new 
residential nuclei, the "Marasia", were created. This form of "Marasias" was maintained 
until 1925, when the Italian buildings began to be built. The Marasias thus expanded 
and, with the new urban organisation, especially towards the end of the Italian period, 
were integrated for the first time into a single urban fabric. Despite the alterations 
brought by the construction activity of recent years in the city of Rhodes, the urban 
fabric of Marasia is still preserved, while several buildings of the late 19th and early 20th 
century are still standing, thanks to their designation as preserved buildings by the Min-
istry of Culture and the Ministry of Environment, Physical Planning and Public Works. 
Although no building within the urban fabric of Marasi can be considered to be earlier 
than the end of the 18th century, we can assume that the type of housing in Marasia was 
formed in the early years of the Ottoman period and was maintained unchanged with 
minor variations until the end of the 19th century [11]. 

The building under consideration is located southeast of the Medieval City, within 
the urban plan of the city of Rhodes and specifically in the residential unit “Marasi Ag. 
Nikolaos”, where according to the ministerial decision of the Ministry of Culture [12] 
it is classified as a “Historic Site”. The building is also owned by the Archaeological 
Receipts and Expropriations Fund and since 1948 [13], it has been designated as a his-
torical monument and is probably the earliest surviving example of a Marasio house. 
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2.2 Geometry, materials, loads 

The masonry structure under investigation is constructed with two-leaf stone ma-
sonry of local Rhodesian porous stone, 50 cm and 55 cm thick. The structure is rectan-
gular in plan, with three rooms and average external dimensions of 5.55 m wide and 
24.60 m long. It consists of the ground floor, the mezzanine floor, which occupies 2/3 
of the building, and the roof. The mezzanine consists of timber floorboard on wooden 
beams with dimensions of 10 cm x 15 cm at 50 cm spacing, while the roof consists of 
timber floorboard on wooden beams with dimensions of 15 cm x 20 cm at 50 cm spac-
ing, covered with a light reinforced concrete slab. The height of the ground floor is 5.80 
m and 3.25 m, while the height of the first floor is 2.55 m. Fig. 1. shows the ground 
floor plan and upper floor plan of the building. 

 
(a) 

 
(b) 

 
(c) 

Fig. 1. (a) Ground floor plan, (b) first floor plan and (c) longitudinal section A-A’ [14] 

For the materials, properties were taken from experimental data for similar buildings. 
Thus, the compressive strength of the stone fbc was obtained equal to 30 MPa and the 
average compressive strength of the mortar fmc equal to 1.0 MPa. The compressive 
strength of masonry fwc which was calculated from Equation (1) [3, 15], was taken equal 
to 2.0 MPa. 

𝑓𝑓𝑤𝑤𝑐𝑐 = 𝜉𝜉 ��
2 
3 �𝑓𝑓𝑏𝑏𝑐𝑐 − 𝑓𝑓0� + 𝜆𝜆 𝑓𝑓𝑐𝑐𝑐𝑐� = 0.74 ��

2 
3 √30 − 1.50� + 0.50 · 1.0� = 2.0 𝑀𝑀𝑃𝑃𝑎𝑎 (1) 
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where ξ = 1 / [1 +3.5 (k - ko)] = 0.74, a coefficient which takes into account the 
adverse influence of the thickness of mortar joints, k is the percentage by volume of 
mortar in the masonry, equal to 0.40, ko the maximum percentage of mortar considered 
not to cause a reduction in the strength of the wall, equal to 0.3, fo the coefficient which 
takes into account the degree of carving of the stones, equal to 1.50, λ the coefficient of 
bonding between stone and mortar, equal to 0.5 for stone masonry. 

The tensile strength of the masonry, fwt, based on paragraph 6.5 of the Greek Code 
for Structural Interventions of Masonry Structures [3], was taken equal to 0.10 MPa 
and the mean characteristic initial shear strength of the masonry, fvk0, based on Table 
3.5 of EC6-1-1 [16], for natural stones, equal to 0.10 MPa. The self-weight of the ma-
sonry equal to 21 kN/m3 and the material safety factor γm equal to 1.35 based on para-
graph 4.5.3.1 of the Greek Code for Structural Interventions of Masonry Structures [3]. 
The modulus of elasticity E was calculated from the equation of Tasios [17], E = α fwc 
=1600 MPa, where α = 800. According to EC8-1 [11] and EC8-3 [2], the stiffness is 
estimated as half of that for non-cracked elements, thus, the masonry modulus of elas-
ticity was taken equal to 800 MPa. The shear modulus G was taken equal to 315 MPa 
and the Poisson's ratio equal to 0.30. 

A live load equal to 2.0 kN/m2 and a permanent load equal to 1.0 kN/m2 was taken 
on all the slabs of the first floor and the roof. The building is located in an area with 
seismic hazard zone II (reference peak ground acceleration on type A ground agR = 
0.24g according to EC8-1-1), soil class B (soil factor S = 1.20), importance class II 
(γI=1). For the geometric data and materials, the data reliability level was taken as "suf-
ficient" (knowledge level KL2: normal knowledge according to EC8-3). 

3 Numerical Analyses 

The finite element method was used for the simulation of the building, where the 
masonry was modelled with 3319 quadrilateral shell elements in 3DR.PESSOS soft-
ware [12], with a maximum dimension of 50 cm (Fig. 2.). 

 
Fig. 2. 3D mathematical model of the building 
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The wooden floors were not simulated as static entities in the program. They were 
taken into account through their self-weight, dead and live loads, so that these loads 
were distributed to the perimeter walls. 

For the determination of the building's stresses and deformations, an elastic (equiv-
alent) static analysis (lateral force analysis) was carried out. Both elastic static analysis 
methods with global behaviour factor (q) and local ductility indices (m) were applied 
for performance levels B1 and B2, according to the Greek Code for Structural Inter-
ventions of Masonry Structures [3]. 

Figs. 3 and 4 show the distribution of moments Mxx and Myy for the two basic seismic 
combinations G + 0.30 Q + Ex + 0.30 Ey and G + 0.30 Q + 0.30 Ex + Ey using the method 
of the global behaviour factor q = 1.50 and for performance level B1. 

  
(a) Bending moment distribution Μxx. (b) Bending moment distribution Μyy. 

Fig. 3. Bending moment distribution for the seismic load combination G+0.30Q+Ex+0.30Ey 

  
(a) Bending moment distribution Μxx. (b) Bending moment distribution Μyy. 

Fig. 1. Bending moment distribution for the seismic load combination G+0.30Q+0.30Ex+Ey 

It is observed that the largest values of out-of-plane bending moments about the ver-
tical axis are developed at the connections with the transverse walls, while the largest 
values of out-of-plane bending moments about the horizontal axis are developed at the 
base of the walls. 
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4 Code Checks 

In order to assess the seismic behaviour of the building, code checks were carried 
out. Elastic analysis methods were performed for the assessment. The following Tables 
present the results of the checks per wall, per pier and per level, with the highest value 
of the failure index λ. The values of the failure index are obtained from the analysis of 
the building using the elastic analysis method based on the global behaviour factor (q), 
for performance levels B1 and B2. Comparative results for each objective are presented 
below. 

4.1 Results of elastic analysis method based on the global behaviour factor q = 
1.5 and performance level B1 

Table 1 presents the results of elastic analysis method based on the global behaviour 
factor q, for performance level B1 and q = 1.5 for level 1 (ground level) of the building, 
while Table 2 presents the corresponding results for performance level B2. 

Table 1. Results of the code checks per wall, per pier for level 1, with the highest value of the 
failure index λ, Green (<=1.00): Adequacy, Red (>1.00): Inadequacy) 

Wall Pier In-plane 
shear 

In-plane 
bending 

Out-of-plane 
bending, plane of 
failure parallel to 

the bedjoints 

Out-of-plane bending, 
plane of failure per-
pendicular to the be-

djoints 

Out-plane 
shear 

  λ λ λ λ λ 
1 1 2.75 0.95 1.17 0.45 1.01 
2 2 1.12 0.19 4.38 0.01 2.23 
3 3 2.61 0.82 1.27 0.46 1.79 
4 4 10.00 1.31 107.47 0.75 76.99 
 6 5.07 0.76 2.05 0.66 0.96 

5 9 3.01 0.61 0.82 0.40 0.61 
6 10 1.57 0.07 2.49 0.23 3.32 
7 11 13.85 1.22 39.86 3.71 36.51 
 13 4.63 0.63 2.95 1.66 1.24 
 15 3.43 0.57 3.14 1.33 1.29 
 17 10.00 5.96 48.15 3.60 7.89 

8 18 2.98 0.59 0.81 0.40 0.59 
9 19 15.63 0.95 135.56 1.18 244.34 
 21 4.33 0.74 1.51 0.43 1.59 

10 24 1.79 0.29 4.31 0.30 3.25 

In Fig. 5a, the piers for which there is a deficiency are illustrated in red colour in the 
3D model. Therefore, when evaluating the seismic behaviour of the building using the 
method of the global behaviour factor q and taking as an assessment target the 
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performance level B1, it is concluded that the building is not sufficient and should be 
strengthened. 

Table 2. Results of the code checks per wall, per pier for level 2, with the highest value of the 
failure index λ, Green (<=1.00): Adequacy, Red (>1.00): Inadequacy) 

Wall Pier 
In-plane 
bending 

Out-of-plane bending, 
plane of failure parallel to 

the bedjoints 

Out-of-plane bending, 
plane of failure perpen-
dicular to the bedjoints 

  λ λ λ 
1 25 0.49 0.34 1.32 

2 26 0.08 0.27 1.33 

3 27 0.34 0.43 1.34 

4 28 0.18 0.66 7.59 

 30 0.89 1.02 5.29 

 32 0.29 0.99 4.91 

 34 0.89 1.17 8.83 

5 54 0.24 0.27 1.22 

6 35 0.04 0.44 0.99 

8 36 0.29 1.97 8.30 

 38 0.02 0.61 7.98 

 40 0.67 0.96 6.92 

 42 0.08 0.81 6.56 

 44 0.33 1.52 6.69 

8 45 0.21 0.31 1.22 

9 46 0.43 0.77 4.13 

 48 0.31 0.81 3.52 

 50 0.57 0.85 3.17 

 52 0.89 1.36 5.58 

10 53 0.11 0.69 1.52 

4.2 Results of elastic analysis method based on the global behaviour factor q = 
1.5 and performance level B2 

The influence of the performance level on the seismic assessment results of the 
building was then investigated. The performance level B2 was selected and new elastic 
analyses were carried out based on the global behaviour factor (q) for q = 1.5. Fig. 5b 
illustrates in colour the piers for which there is inadequacy, which are obviously less 
than in the analysis for performance level B1 (Fig. 5a). By adopting a less stringent 
performance objective, i.e. a 50% probability of exceeding the seismic action in 50 
years, on the basis of which the seismic action is reduced by about 40%, the more fa-
vourable behaviour of the masonry is evident, mainly in out-of-plane bending. 
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However, in this case more frequent and more extensive damage are expected for the 
same earthquake. 

  
(a) Performance level B1 (b) Performance level B2 

Fig. 5. Colour representation of inadequacies of the piers (green: adequacy, red: inadequacy) 

5 Investigation of Interventions 

The assessment of the seismic behaviour of the building according to the Greek Code 
for Structural Interventions of Masonry Structures [3] with the analysis method based 
on the global behaviour factor (q) and for the two performance levels, shows that the 
building has deficiencies and does not meet the required performance objective. For 
this reason, some interventions are being investigated which will improve the behaviour 
of the structure. Moreover, this is an elongated structure and the overturning check 
gives a failure index of 1.60, according to Equation 5.3.8a of the Greek Code for Struc-
tural Interventions of Masonry Structures [3]. In this case, it shall be ensured that the 
compressed parts of the walls can take up the whole of the horizontal and vertical loads. 

Grout injection is an effective method for strengthening masonry walls. This tech-
nique involves low-pressure injection of fine hydraulic lime grout into cracks, voids, 
and cavities within the masonry, aiming to create a more homogenous structure. This 
method was initially investigated to increase the compressive strength of the masonry. 
The new compressive strength of the strengthened masonry was calculated based on 
equation 8.2 of the Greek Code for Structural Interventions of Masonry Structures [3], 

𝑓𝑓𝑤𝑤𝑐𝑐,𝑓𝑓 = 𝑓𝑓𝑤𝑤𝑐𝑐,0 + 𝛥𝛥 𝑓𝑓0 + 𝜆𝜆 𝑛𝑛 𝑓𝑓𝑔𝑔𝑐𝑐 = 2.0 + 0.75 + 0.50 · 0.10 ·  5.0 = 3.0 𝑀𝑀𝑃𝑃𝑎𝑎 (2) 

where fwc,0 is the initial strength of the masonry, equal to 2.0 MPa, n is the ratio of 
the volume of the grout to the total volume of the mortar, which, is taken to be equal to 
0.10 because precise data are not available, fgc is the compressive strength of the grout 
equal to 5.0 MPa, λ is the bond coefficient between stone unit and mortar, which is 
taken to be 0.50 for rough stones, fo is the coefficient (in MPa) which takes into account 
the degree of carving of the stones and takes a value of 1.50-2.50 MPa for clay mortar, 
depending on the building quality. In this study fo was assumed equal to 1.50 MPa, 
while due to the grout injections the irregularity and inhomogeneity of the building due 
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to the degree of carving of the stones is reduced and therefore a reduction of the fo 
coefficient is required according to the following equation: 

𝛥𝛥 𝑓𝑓0 = 𝑓𝑓0 : �1 +
1

10 𝑛𝑛
� = 1.50: (1 + 1) = 0.75 (3) 

Thus, the new compressive strength of the masonry after grout injection and homog-
enisation is equal to 3.0 MPa. The increase in shear strength of masonry depends 
strongly on the composition, application technique and consumption of grout [3]. In the 
present study, a 10% increase in strength was considered, therefore the shear strength 
in the absence of vertical load (cohesion), fwv0, of the strengthened masonry was taken 
to be equal to 0.11 MPa. 

The behaviour of the structure against earthquake can also be improved by strength-
ening the stiffness of the building’s diaphragm. The construction of a perimeter ring 
beam and a reinforced concrete slab at the roof is investigated. The installation of a 
second additional floorboard in the mezzanine, oriented perpendicular to that of the 
existing floorboard, is being considered. In the analysis of the strengthened structure, 
according to the Greek Code for Structural Interventions of Masonry Structures, the 
behaviour factor (q) can be taken equal to 2.0. 

The results of the checks of the strengthened building, for a behaviour factor q = 2.0 
and performance levels B1 and B2, are presented in the Tables and Figures below: 

5.1 Results of elastic analysis method based on the global behaviour factor q' = 
2.0 and performance level B1 for the strengthened building 

Elastic analyses were carried out on the strengthened building for performance level 
B1. Table 3 shows the results of elastic analysis for in-plane action for level 1 and Table 
4 for out-of-plane action. Table 5 shows the results of elastic analysis for out-of-plane 
action for level 2. 
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Table 3. Comparison of failure indices λ of piers for level 1, for in-plane action before and after 
interventions 

 In-plane shear In-plane bending 
Level 1 Before  After  Before  After  

Wall Pier λ λ λ λ 
1 1 2.75 2.37 0.95 0.70 
2 2 1.12 0.86 0.19 0.19 
3 3 2.61 2.15 0.82 0.63 

4 4 10.00 3.67 1.31 0.51 
6 5.07 3.16 0.76 0.43 

5 9 3.01 1.96 0.61 0.39 
6 10 1.57 1.12 0.07 0.06 

7 

11 13.85 9.21 1.22 0.58 
13 4.63 2.92 0.63 0.47 
15 3.43 2.37 0.57 0.39 
17 10.00 7.25 5.96 0.71 

8 18 2.98 2.02 0.59 0.39 

9 19 15.63 8.82 0.95 0.53 
21 4.33 2.73 0.74 0.45 

10 24 1.79 1.33 0.29 0.24 

Table 4. Comparison of failure indices λ of piers for level 1, for out-of-plane action before and 
after interventions 

 Out-of-plane bending, 
plane of failure parallel 

to the bedjoints 

Out-of-plane bending, 
plane of failure perpen-
dicular to the bedjoints 

Out-of-plane shear 

Level 1 Before  After  Before  After  Before  After  
Wall Pier λ λ λ λ λ λ 

1 1 1.17 0.66 0.45 0.26 1.01 0.87 
2 2 4.38 1.89 0.01 0.03 2.23 2.34 
3 3 1.27 0.65 0.46 0.29 1.79 0.96 

4 4 107.47 4.66 0.75 0.27 76.99 7.09 
6 2.05 1.24 0.66 0.23 0.96 1.36 

5 9 0.82 0.56 0.40 0.25 0.61 0.91 
6 10 2.49 1.19 0.23 0.14 3.32 1.62 

7 

11 39.86 5.26 3.71 1.38 36.51 9.17 
13 2.95 1.27 1.66 0.62 1.24 1.36 
15 3.14 1.42 1.33 0.49 1.29 1.51 
17 48.15 23.32 3.60 1.34 7.89 25.31 

8 18 0.81 0.56 0.40 0.26 0.59 0.92 

9 19 135.56 2.36 1.18 0.62 244.34 4.03 
21 1.51 0.95 0.43 0.23 1.59 1.07 

10 24 4.31 2.18 0.30 0.15 3.25 2.98 
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Table 5. Comparison of failure indices λ of piers for level 2, for out-of-plane action before and 
after interventions 

 Out-of-plane bending, plane of 
failure parallel to the bedjoints 

Out-of-plane bending, plane of 
failure perpendicular to the be-

djoints 
Level 2 Before  After  Before  After  

Wall Pier λ λ λ λ 
1 25 0.34 0.52 1.32 0.37 
2 26 0.27 1.56 1.33 0.20 
3 27 0.43 0.58 1.34 0.39 

4 

28 0.66 1.89 7.59 1.57 
30 1.02 1.62 5.29 1.09 
32 0.99 1.65 4.91 1.01 
34 1.17 0.25 8.83 1.83 

5 54 0.27 0.39 1.22 0.37 
6 35 0.44 0.78 0.99 0.31 

7 

36 1.97 0.39 8.30 1.16 
38 0.61 1.54 7.98 1.11 
40 0.96 1.88 6.92 0.96 
42 0.81 1.93 6.56 0.91 
44 1.52 1.18 6.69 0.93 

8 45 0.31 0.40 1.22 0.39 

9 

46 0.77 0.19 4.13 1.12 
48 0.81 1.10 3.52 0.95 
50 0.85 1.15 3.17 0.86 
52 1.36 0.11 5.58 1.51 

10 53 0.69 1.36 1.52 0.35 

Fig. 6 illustrates in red colour the piers that fail in the original and the strengthened 
structure, respectively, for performance level B1. From Tables 5 to 7 and Fig. 6, it is 
observed that the failure indices for in-plane shear action for most of the piers have 
been significantly reduced after the interventions, however, shear failures of masonry 
remain. The same conclusion is reached for the out-of-plane action. 

Significantly improved behaviour of the masonry appears mainly in the crown of the 
walls and in particular in out-of-plane bending for plane of failure perpendicular to the 
bedjoints. This can be attributed to the strengthening of the diaphragm function of the 
roof. Overall, despite the significant improvement observed in the failure indices, the 
building still exhibits deficiencies. 
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(a) Initial structure, q = 1.5 0 and perfor-

mance level Β1. 
(b) Strengthened structure, q = 2.0 and 

performance level Β1. 

Fig. 6. Colour representation of failed piers (green: adequacy, red: inadequacy) 

  
(a) Initial structure, q = 1.5 0 and perfor-

mance level Β2. 
(b) Strengthened structure, q = 2.0 and 

performance level Β2. 

Fig. 7. Colour representation of failed piers (green: adequacy, red: inadequacy) 

5.2 Results of elastic analysis method based on the global behaviour factor q' = 
2.0 and performance level B2 for the strengthened building 

As with the original building, the behaviour of the strengthened building was inves-
tigated for performance level B2, i.e. for an earthquake with a 50% probability of ex-
ceedance in 50 years. In Fig. 7, the piers that fail in the original and the strengthened 
structure, respectively, for performance level B2 are shown in colour in the 3D model. 

As shown by the analysis of the strengthened building, for performance level B2, 
failure occurs only for in-plane shear actions, in the face piers and in the piers along the 
transverse direction (short side) of the building, only for the ground floor level. The 
favourable function of the diaphragm at the crown of the building is evident, where no 
pier shows deficiency in out-of-plane bending. 
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In conclusion, the method of homogenising the masonry mass with grout injections 
and increasing its compressive strength, in terms of in-plane shear action, does not 
achieve adequacy in all the piers of the structure, however, the seismic behaviour of the 
masonry is clearly improved. At the same time the contribution of the diaphragm at the 
crown level is decisive in out-of-plane flexural failure. 

The strengthened structure is still inadequate regarding in-plane shear, even if grout 
injection and the diaphragm insertion improved the behaviour of the structure. Other 
methods that could be applied for strengthening of the structure could be the application 
of a layer of shotcrete with added reinforcement mesh to the walls which would increase 
both out-of-plane and in-plane strength, the application of fibre reinforced polymer 
sheets to the walls, or the application of fibre reinforced mortar jacketing. These meth-
ods would significantly increase the shear capacity of the walls, however, since the 
examined structure is a listed building, all of these methods should be approved and 
take listed building consent for repair works from the appropriate authorities. 

6 Conclusions 

In the present study, the seismic behaviour of a historical two-storey masonry build-
ing, located in the city of Rhodes, was evaluated. Subsequently, interventions were pro-
posed to strengthen the structure and improve the mechanical characteristics of its ma-
terials. An elastic equivalent static analysis was carried out based on the Greek Code 
for Structural Interventions of Masonry Structures and the elastic dynamic analysis 
methods of global behaviour factor (q) and local ductility indices (m) were applied for 
performance levels B1 and B2. The analyses lead to the following conclusions: 

• The original building shows significant deficiencies in both in-plane and out-of-
plane action. The piers with deficiencies are significantly reduced when perfor-
mance level B2 is chosen over B1. When performance level B1 is selected, only 
3% of the piers are sufficient, whereas when performance level B2 is selected, 
the percentage of sufficient piers reaches 23%. 

• Due to the inadequacy of the original structure, methods of interventions are be-
ing investigated in order to improve the diaphragm function of the building and 
upgrade the mechanical characteristics of masonry. The diaphragms of both the 
mezzanine and the roof of the building are strengthened, while the method of 
homogenising the masonry mass with grout injections is used to increase its com-
pressive strength. The application of injections led to an increase in the compres-
sive strength of the masonry by 50%, while also ensuring better bonding between 
mortar and natural stones. 

• In the strengthened structure, in terms of in-plane shear, adequacy is not achieved 
in all the piers of the structure, but the seismic behaviour of the masonry is clearly 
improved. At the same time, the contribution of the diaphragm at the crown level 
is decisive in out-of-plane flexural failure. 
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Annex A – Detailed Calculations 

Detailed calculations in vertical loads, in-plane and out-of-plane bending moment 
and shear check of piers 6 and 32 are presented below. Piers 6 and 32 are highlighted 
in yellow in Fig. 9. 

A.1 Vertical loads check 

The maximum normal stress is calculated from the equation σc =Nsdmax/Αw, where Nsd,max 
is the maximum axial force of each pier, resulting from the analysis of the building for 
the load combination 1.35G+1.50Q, and Αw is the area of the pier at the control level.  
Pier 6 (Fig. 8) has length, L=2.425m, height Η=3.20m and width t = 0.55m. 

For load combination 1.35G+1.50Q the maximum axial load is Nsdmax = 261.95kN, so 
the maximum normal stress is: σc =Nsdmax/Αw,= 196.40 kPa,  

The mean compressive strength of the masonry is fmc= 2.0 MPa and the safety factor γw 
= 1.35 for normal knowledge level (Greek Code for Structural Interventions of Ma-
sonry, 2021, §4.5.3.1). Therefore, the design compressive strength is:  
fd = fmc/γw = 2 MPa/1.35 = 1481.48 kPa 

The failure index is λ = σc / fd = 0.13 < 1, meaning that the pier strength is adequate. 

A.2 In-plane checks 

The in-plane shear check, according to the global behaviour factor method and for load 
combination G+0.30Q+Ex+0.30Ey, is presented in detail for pier 6 (Fig. 8). 
The results at the bottom of Pier 6, from the lateral force analysis (linear) of the structure 
using the software 3DR.PESSOS 2022, for the q factor approach and for the load com-
bination G+0.30Q+Ex+0.30Ey, are the following: 

Fx (Vsd) = 99.43 kN, 
Fy (Nsd) = 135.91 kN, 
Fz = 10.11 kN, 
Mx (Msd,x) = 14.32 kNm, 
My (Msd,y) = 1.63 kNm 
Mz (Msd,z) = 79.29 kNm 

 
Wall 7 Wall 9 Wall 4 

Fig. 8. Numerical representation of piers, for levels 1 and 2. 
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Axial force and bending moment check 

The flexural design strength of the pier, considering an inactive area, is 
𝑀𝑀𝑅𝑅𝑅𝑅 = 𝑁𝑁𝑠𝑠𝑅𝑅  (1− 1.15𝑣𝑣𝑠𝑠𝑅𝑅) 𝐿𝐿/2 = 151.76 𝑘𝑘𝑁𝑁𝑚𝑚 

The acting bending moment at the bottom of the pier (from analysis) is Μsd,z = 
79.29kNm. 

Therfore, the failure index is λ = Μsd,z /MRd = 0.52 < 1, meaning that the pier strength 
is adequate. 

Shear check 

Capacity design 

The shear strength according to the capacity design rule for Pier 6 in Wall 4, level 1, is 
calculated according to the following equation: 

𝐶𝐶𝑓𝑓 =
𝐿𝐿 𝑁𝑁
2𝐻𝐻0

(1 − 1.15𝑣𝑣𝑠𝑠𝑅𝑅) =  
2.425 𝑚𝑚 135.91 𝑘𝑘𝑁𝑁

2 · 5.47𝑚𝑚
(1 − 1.15 · 0.0687) =  27.73 𝑘𝑘𝑁𝑁 

where Ho= 5.47 m is the shear length, that is the length between the two sections where 
the bending moment is maximum and zero respectively, 

L= 2.425m is the length of the pier, 
t= 0.55m is the width of the pier, 
Nsd(G+0.30Q)= -135.91 kN is the acting axial load and 
vsd = Nsd /(L·t·fd) = 0.0687 is the normalised axial load. 

Shear strength 

The in-plane shear strength of the wall is the minimum of the following two mecha-
nisms for shear failure: 

a) Due to diagonal tensile cracking, according to the Greek Code for Structural Inter-
ventions of Masonry, 2021, §7.2.2i 

𝑓𝑓𝑤𝑤𝑅𝑅,𝑢𝑢 = �𝑓𝑓𝑤𝑤𝑢𝑢𝑅𝑅 · (𝑓𝑓𝑤𝑤𝑢𝑢𝑅𝑅 + 𝑣𝑣𝑠𝑠𝑅𝑅 · 𝑓𝑓𝑅𝑅) = 142.09 𝑘𝑘𝑃𝑃𝑎𝑎 

where fvd,t is the shear strength of the masonry associated with diagonal tensile cracking 
and fwtd = 100 kN/m2 is the mean tensile strength of the masonry. 

b) Due to horizontal joint slipping, according to the Greek Code for Structural Inter-
ventions of Masonry, 2021, §7.2.2ii 

The average shear strength of the masonry, fvd,s, which takes into account the presence 
of the vertical load is: 

𝑓𝑓𝑤𝑤𝑅𝑅,𝑠𝑠 = 𝑓𝑓𝑤𝑤𝑐𝑐0 + 0.4
𝑁𝑁𝑠𝑠𝑅𝑅
𝐿𝐿′ 𝑡𝑡

= 135.69 𝑘𝑘𝑃𝑃𝑎𝑎 ≤ 0.065 𝑓𝑓𝑏𝑏 = 1950 𝑘𝑘𝑃𝑃𝑎𝑎 
where fvmo = 100 kN/m2 is the shear strength of masonry in case of absence of vertical 
loads for natural carved stones, 
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L´ = 1.89 m is the length of the compressive area of the pier, 
fb = 30 MPa is the normalised compressive strength of the stone unit, according to EN 
1996-1-1. 

Therefore, the in-plane shear strength of the wall is the minimum of the two: 

𝑓𝑓𝑤𝑤𝑅𝑅 = 𝑚𝑚𝑚𝑚𝑛𝑛( 𝑓𝑓𝑤𝑤𝑅𝑅,𝑢𝑢 , 𝑓𝑓𝑤𝑤𝑅𝑅,𝑠𝑠) = 135.69 𝑘𝑘𝑃𝑃𝑎𝑎 

and the shear strength of the pier is 

𝐶𝐶𝑤𝑤 = 𝑓𝑓𝑤𝑤𝑅𝑅 · 𝐿𝐿′ · 𝑡𝑡 = 140.90 𝑘𝑘𝑁𝑁 

Final shear check 

The design shear force Vsd shall be compared with the minimum of the values of Vv and 
Vf. If Vv ≤ Vf, it is assumed that the shear force is critical for wall failure and the wall is 
controlled by shear, otherwise it is assumed that the moment is critical and the wall is 
controlled by bending (Greek Code for Structural Interventions of Masonry, 2021, 
§7.2.3). Because Vv > Vf, the bending moment is critical for failure of the pier by elastic 
forces. Therefore, the final shear capacity of the pier is: 
VRd = min(Vf, VV) = 27.73 kN, 

The acting shear force at the base of the pier is Vsd = 99.43 kN, according to the results 
from analysis. 
Therefore, the failure index is λ = Vsd /VRd = 3.59 > 1, that is the capacity of the pier is 
inadequate. 

A.3 Out-of-plane actions checks 

The out-of-plane check, according to the global behaviour factor method and for load 
combination G+0.30Q+0.30Ex+Ey, is presented in detail for Pier 32 of level 2 (Fig. 
8). The length of Pier 32 is L=1.71 m, its height is Η= 2.46 m and its width is t = 0.55m. 
The results at the bottom of Pier 32, from the lateral force analysis (linear) of the struc-
ture, for the q factor approach and for the load combination G+0.30Q+0.30Ex+Ey, are 
the following 

Fx (Vsd) = 0.079 kN, 
Fy (Nsd) = 35.22 kN, 
Fz = 1.34 kN, 
Mx (Msd,x) = 5.61 kNm, 
My (Msd,y) = 25.98 kNm 
Mz (Msd,z) = 2.67 kNm 

Out-of-plane bending, plane of failure parallel to the bedjoints (Greek Code for 
Structural Interventions of Masonry, §7.3, Eq.7.6a) 

The bending moment capacity of the cross-section is 
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𝑀𝑀𝑅𝑅𝑑𝑑1,𝐶𝐶 =  
1

2
ℓ𝑡𝑡𝑤𝑤

2 𝜎𝜎ο �1 −
𝜎𝜎ο
𝑓𝑓d

� = 9.36 𝑘𝑘𝑁𝑁𝑚𝑚 

where ℓ = L= 1.71 m is the length of the pier, 
tw = 0.55 m is the width of the pier, 
Nsd = -35.22 kN is the axial load, 
σo = Nsd /(ℓ·tw) = 37.44 kN/m2 is the mean compressive stress due to axial load at the 
cross section and 
Msd,x=5.61kNm is the acting bending moment. 

Therefore, the failure index is λ = Μsd,x /MRd1,o = 0.60 < 1, meaning that the pier 
strength is adequate. 

Out-of-plane bending, plane of failure perpendicular to the bedjoints (Greek Code 
for Structural Interventions of Masonry, §7.3, Eq.7.6b) 

The bending moment capacity of the cross-section is 

𝑀𝑀𝑅𝑅𝑅𝑅2,𝑔𝑔 =  
1
6
𝑓𝑓𝑤𝑤𝑢𝑢,𝑅𝑅𝑡𝑡2ℓ = 6.38 𝑘𝑘𝑁𝑁𝑚𝑚 

where fwt,d = fwt/γw = 100 kN/m2/ 1.35 = 74.07 kN/m2 is the tensile strength of the wall 
and γw = 1.35 is the safety factor for normal knowledge level. The bending moment 
about the vertical axis at the base of the pier, from the elastic analysis, is Msd,y = 25.98 
kNm. 

Therefore, the failure index is λ = Μsd,y /MRd2,o = 4.07 > 1, meaning that the capacity of 
the pier is not adequate. 
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Abstract. Reinforced concrete walls in buildings constructed before 1990 pos-
sess low shear resistance and their reinforcement detailing differs considerably 
as compared to similar walls in modern buildings, designed according to modern 
code principles. Accurate estimation of shear resistance of existing RC walls is 
crucial for the seismic capacity assessment of older buildings. In this paper, a 
design model is presented for the assessment of shear resistance of RC walls with 
rectangular section, irrespective of reinforcement configuration. The model in-
cludes the contribution of all major mechanisms to shear resistance, namely: the 
longitudinal reinforcement of the confined regions at either end of the cross-sec-
tion, the horizontal and vertical web reinforcement, the axial compressive force, 
and the concrete strut through a novel approach. The proposed equations have no 
restrictions in their applicability, in contrast to the majority of existing models, 
and proved to be the most effective in assessing the shear resistance of 129 tested 
RC walls, among 14 other design models considered, including existing design 
codes. Indicative case studies are presented to demonstrate the better predictive 
capacity of the proposed equations and the deficiency of four code provisions 
regarding the prediction of shear resistance of older RC walls with substandard 
reinforcement detailing. 

Keywords: Shear Wall Resistance, Reinforced Concrete, Assessment, rectan-
gular cross-section 

1 Introduction 

The contribution of reinforced concrete (RC) walls on the seismic behaviour of RC 
buildings has been investigated early on [1]. Research on the calculation of the shear 
resistance of reinforced concrete (RC) walls dates since the 1970’s [2-4]. Different de-
sign approaches have been proposed to estimate the shear resistance of RC walls, in-
cluding empirical formulas, e.g. [5], strut-and-tie models, e.g [6], truss models, e.g. [7], 
superposition of strut and truss mechanism, e.g. [8-9], as well as other approaches, e.g, 
[10]. However, it is well established that the estimation of shear resistance of RC walls 
is still considered an open issue [11, 12]. Further on, the predictions of available 
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models, including the respective code provisions, differ considerably between them. 
The discrepancy between predicted and actual shear resistance is particularly large in 
case of RC walls in older buildings, which do not possess the reinforcement detailing 
prescribed by modern codes, given that most design models presuppose the presence of 
certain detailing [11]. 

However, the knowledge of shear resistance of RC walls is essential for the assess-
ment of the seismic capacity of RC walls. It is noted that particularly in case of build-
ings constructed according to older code principles, in which the behavior of RC walls 
is governed by shear resistance, an accurate estimation of shear resistance of RC walls 
is essential in the assessment of seismic capacity. This is especially important for the 
existing building stock in Greece. Reinforced concrete (RC) buildings in Greece con-
structed prior to 1990’s are, generally, frame structural systems. Occasional RC shear 
walls have very different reinforcement detailing compared to that prescribed by mod-
ern codes, i.e. no confined regions in their cross-section and low amount of web rein-
forcement. As a result, they possess low shear resistance and are liable to fail in shear 
in the event of a major earthquake. Seismic design according to modern codes aims at 
safeguarding against collapse through ductile seismic performance of the structural el-
ements. Shear failure results in brittle failure and abrupt decrease of the element’s me-
chanical properties. In order to reduce the possibility of shear failure, in modern codes 
all structural elements should be designed so as have higher shear resistance, VR, than 
the shear force corresponding to the flexural resistance of the cross-section V(MR), i.e.  
VR < V(MR). This prerequisite falls within the concept of “capacity design”, which is a 
practice that did not exist in older code principles. 

This work stemmed from the practical need for a reliable design model to estimate 
the shear resistance of RC walls, irrespective of their reinforcement detailing. Based on 
the results of an extensive study, the current paper focusses on the prediction of shear 
resistance of RC walls with rectangular cross section, and reinforcement detailing dif-
ferent than that prescribed by modern code provisions. 

A design model is proposed for the calculation of the shear strength of RC walls, 
which has no restrictions in its application regarding the values of individual character-
istics of the wall, as happens with the majority of existing design models. The model 
proved to be the most effective among 14 other design models considered [11], based 
on a dataset of 129 tested RC walls. The model is compared to the performance of three 
other models from international codes: EN1998-1, DCM [13], EN1998-3 [14], and 
AIJ2016 [15], and of an empirical model include in the Greek code for RC, EKOS2000 
[16]. The predictive performance of the five models is discussed based on three case-
studies of tested RC walls that did not comply with modern reinforcement detailing. 
Shortcomings of the existing models are briefly discussed. 

The better predictive performance of the proposed model, as compared to other 
available models, is attributed to the following: 
• Inclusion of all the individual load transfer mechanisms with their contribution ap-

propriately calibrated against a large database. The other models consider only 
some of the load transfer mechanisms 

• Different design equations are provided for rectangular and barbell cross-sections, 
while most models do not make any distinction. It is experimentally verified that 
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RC walls with barbell cross-section have increased shear resistance. In this paper 
only the equations for rectangular sections are discussed 

• A novel method is proposed to calculate the contribution of the concrete strut 
mechanism, which is the most significant contributor to shear resistance. The pro-
posed equation stems from the strut contribution in infilled frames 

• No upper limit for shear resistance is included. The upper limit in shear resistance 
in the majority of other models is based on the upper limit in the truss analogy 
aimed to exclude the occurrence of concrete crushing. However, in RC walls no 
such type of failure is observed, so this limit is not physically justified. The models 
apparently require an upper limit to guarantee safe predictions 

• The model has no restrictions in its application. Other models are applicable only 
to RC walls with specific reinforcement detailing, the one prescribed by modern 
codes, as a rule, e.g. the existence of confined ends at the cross-section, minimum 
amount of web reinforcement, etc. Those prerequisites reduce the applicability of 
existing design models 

2 Modelling the shear resistance of RC walls 

2.1 General aspects affecting shear resistance 

It is well established that the estimation of shear resistance of RC walls is still con-
sidered as on open issue [11, 12]. In modern codes, available equations for the calcula-
tion of shear resistance, VR, of walls are intended to be used for RC walls that comply 
with modern reinforcement detailing. Among the prevalent factors that are known to 
affect shear behavior of RC walls is the value of the shear ratio, αs = Μ/V⋅Lw, where Lw 
is the larger dimension of the section,  V is the maximum shear force that acts at the 
base of the wall parallel to Lw, and M is the corresponding bending moment. 

(a)  For walls with shear ratio αs > 2, the design equations for shear resistance 
proposed by the codes are similar to the equations for linear elements and are based on 
truss analogy. Shear capacity VR is calculated, as a rule, as the sum of the contribution, 
Vw, of the reinforcement parallel to shear force, and the contribution, Vc, of the other 
load transfer mechanisms, including concrete, dowel action, etc., e.g. EN1992-1-1 [17]. 
For adequate ductility, failure due to concrete crushing of the inclined struts of the 
Moersch-type truss should be excluded. To this end, an upper limit VR,max, which is 
supposed to be the shear force that results in concrete crushing is introduced. Hence, 
shear resistance VR is, generally, calculated from Equation (1). 

VR = Vw + Vc < VR,max (1) 

(b) For walls with shear ratio αs < 2 it is generally assumed that a large part of the 
shear force is carried by the mechanism of concrete strut. A similar assumption is made 
for other structural elements with low shear ratio, e.g. coupling beams of coupled shear 
walls [18] and short columns [19]. 

Figure 1 indicates the characteristics of a reinforced concrete (RC) wall with rectan-
gular cross-section that contribute to shear resistance. The symbols are explained in 
section 2.2. 
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2.2 Proposed design model 

Research background. The initial research on shear strength of RC walls, on which 
the present paper is based, had the following objectives (a) identify the major parame-
ters that affect shear resistance, (b) assess the performance of existing design models 
regarding the estimation of shear capacity, and (c) proposal of an improved design 
model for the shear resistance of RC walls. 

As a first step of the research, a broad database of 414 reinforced concrete (RC) wall 
specimens reported to have failed in shear has been assembled from the literature. Re-
inforcement and geometrical characteristics of the walls of the database are available 
in Moretti et al. 2019 [11]. Moreover, 14 different design models aiming at the estima-
tion of shear strength of RC walls were collected and assessed in relation to their ca-
pacity to accurately predict the shear resistance of the wall of the database. Major dif-
ferences were observed between the models, which led to discrepancies in the predic-
tions of shear resistance for the same wall specimens. Increased differences in models’ 
predictions were observed for walls with reinforcement characteristics not in accord-
ance to modern code provisions. To address this issue, new empirical equations were 
proposed which consider all the wall characteristics that affect shear resistance of walls, 
namely: geometry, materials, axial force, horizontal and vertical web reinforcement, 
longitudinal reinforcement of the end parts of the cross-section, without any restrictions 
of applicability. Different sets of equations were proposed for rectangular section and 
for section H, i.e. barbell/flanged section with reduced web width, compared to the end 
parts where larger boundary elements are present. It was already established that shear 
resistance of walls is considerably influenced by the shape of the cross-section [6,12,20-
21]. It is important to note that in the design equations proposed by the majority of 
codes and researchers, including the Eurocodes and the Greek codes, no distinction is 
made between different shapes of section. 

In this paper design equations for shear resistance of rectangular wall section are 
presented, which is the section generally used in buildings in Greece. More detailed 
presentation and comments on the proposed design equations for both types of cross-
sections, and comments on the performance of other design models may be found in 
[11,22-23]. 

In this paper the set of design equations proposed for walls with rectangular section 
are provided in equations 2 to 4. 
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Fig. 1. Geometric and reinforcement characteristics that affect shear resistance of a reinforced 
concrete wall (RC) with rectangular section. Symbols are explained in section 2.2 

Design equations. Discussion on the contribution of the individual mechanisms. 
In the proposed model, shear resistance, Vu, of a reinforced concrete wall with rectan-
gular cross-section is calculated through equation (2) by summing up the contribution 
of five (5) individual constituents, calculated through equations (3a) to (4d). The effect 
of each component to the wall shear resistance is briefly discussed in the following. 

Concrete contribution to shear resistance consists in the shear force carried by the 
diagonal strut mechanism, Vstrut, and is calculated by equation (3a). Strut mechanism in 
more activated in structural elements with low shear ratio, e.g. [24]. Strut width, w, 
depends on the wall dimensions and the amount of longitudinal reinforcement at the 
end sections of the wall, and is calculated through equations (3a-1), (3a-2) and (4). It 
has been verified [11] that the contribution of strut mechanism is enhanced in walls (a) 
with larger cross-section width and (b) in the presence of higher amount of longitudinal 
reinforcement at the confined regions. The width of the diagonal strut, w, is calculated 
from equation (4) [25]. It is pointed out that the provisions of FEMA 306 [25], origi-
nally intended for the case of infilled frames, are applied for the first time for the cal-
culation of shear resistance of RC walls. Appropriate modifications are proposed to 
better describe the strut contribution to shear in RC walls, namely the equations (3a-1), 
(3a-2) and (4d). 
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arctan( / )w wH Lθ =  (4c) 

3 /12bc w bb HΙ = ⋅  (4d) 

where: 
strutV =  shear force carried through the mechanism of diagonal strut 

hV =  contribution of horizontal web reinforcement to shear resistance 

vV =  contribution of vertical web reinforcement to shear resistance 

beV =  contribution of longitudinal reinforcement in the confined boundary elements 

NV =  contribution of compressive axial force, N, of the wall to shear resistance 
M, V = bending moment and respective shear force at the wall base 

wb =  width of wall cross-section 

wL =  length of wall cross-section 

wH =  height of wall 

infr =  length of diagonal strut 
w =  width of diagonal strut 
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beρ =  geometric ratio of longitudinal reinforcement of confined end wall regions 

hρ =  geometric ratio of horizontal web reinforcement 

vρ =  geometric ratio of vertical web reinforcement 

oH =  distance between base of wall and horizontal force (see Fig. 1) 

bH =  length of confined regions. 

bcΙ =  moment of inertia of confined regions at the cross-section ends 
For the calculation of strut width from equation (4), for Ibe in (4d): 

/ 2b wbΗ =  for 0beρ >  or 
/ 4b wbΗ =  for 0beρ =  

The reinforcement in the wall is supposed to contribute to shear resistance in relation 
to the amount of reinforcement bars activated by the potential diagonal crack at an angle 
θ, shown in Figure 1. The contribution to shear resistance of the web reinforcement is 
calculated from equations (3b) for the horizontal bars, and (3c) for the vertical bars. It 
is noted that the majority of existing design models consider only one of the two types 
of web reinforcement, as described in [11]. 

The contribution to shear resistance of the longitudinal bars in the confined regions 
is calculated from equation (3d). The presence of high percentage of longitudinal rein-
forcement, although neglected in many design models, proved to result in increased 
shear resistance [11]. For that reason, in the proposed design model the effect of the 
longitudinal reinforcement is considered both directly through equation (3d) and also 
indirectly by increasing the strut width, as described in the respective equations (3a-1), 
(3a-2) and (4). 

The presence of higher compressive axial force in a wall results in increased shear 
resistance. The contribution of axial force in calculated by equation (3e) and is inversely 
proportionate to the magnitude of the wall shear ratio. 

2.3 Code design provisions discussed 

In this paper, besides the proposed equations presented in section 2.2, four design 
models from codes are applied, and their assumptions are briefly outlined, namely: (a) 
the equation of Eurocode 8 part 1 [13] intended for new structures, (b) the equation of 
Eurocode 8 part 3 [14] for the assessment of existing structures,  (c) a Japanese model 
included in AIJ2016 [15], which resulted in the second best predictions among the 14 
models considered, and (d) the equation for squat walls in EKOS2000 [16], the Greek 
code for the design of new RC structures. The criterion for selecting the two Eurocode 
models is their use in Greece rather than their predictive performance, which is defi-
cient. 

(a) EN1998-1 [13], for medium ductility level (DCM). The code provisions ad-
dress new structures. Shear resistance is calculated from a truss model formed by the 
potential inclined cracks at an angle θ as per the direction of the longitudinal axis of the 
wall. Angle θ is determined in such a way that the shear resistance of the concrete struts 
equals the shear resistance of the reinforcement parallel to the shear force, within the 
limits 0.4 ≤ tanθ ≤1 (EN1992-1-1 [17]). For the application of the model the wall should 
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include reinforcement detailing that enables the formation of a truss at ultimate state, 
i.e. adequate horizontal web reinforcement and reinforcement at both ends of the sec-
tion, i.e. in the upper and lower chord of the truss. It is noted that the above restrictions 
are not stated in the code, because they are guaranteed in new structures. 

(b) EN1998-3 [14]. The provisions are intended for the assessment of shear re-
sistance of existing buildings. Empirical equations for the calculation of shear re-
sistance of walls as well as for the maximum shear force, VR,max, that results in crush-
ing of the concrete struts are provided. The contribution of horizontal web reinforce-
ment, the total vertical web reinforcement, the axial force and the shear ratio are con-

sidered. The equations include the ductility factor ( / )pl
pl yµ θ θ∆ =  which expresses the 

ratio of the plastic part of the chord rotation, θpl, to the chord rotation at yielding, θy, 
the estimation of which presents uncertainties, which increase for walls constructed 
according to older code principles. At application of the equations it was assumed that 

0plµ∆ = . No restrictions for the values of the wall characteristics are included for the 
application of the design equations. 

(c) AIJ2016 [15]. It is an empirical model from the Japanese provisions, easy to 
apply, which may be used for all types of cross section (i.e. rectangular and barbell). 
The model expresses the contribution to shear resistance of horizontal web reinforce-
ment, longitudinal reinforcement at the end confined regions, shear ratio and axial 
force. Prerequisite for the application is the existence of reinforcement at both ends of 
the cross-section and of horizontal web reinforcement. This design model is presented 
in detail in [11], and results in the second best predictions of shear resistance for the 
specimens of the database, among the 14 models originally applied from the literature. 

(d) EKOS2000 [16]. The Greek code for the design of reinforced concrete structures 
includes an empirical design equation for the shear resistance of RC walls with shear 
ratio αs ≤ 1.30, which considers the contribution of both horizontal and web reinforce-
ment of the wall. The code is intended for the design of new structures, and therefore 
presupposes modern reinforcement detailing and minimum requirements for the 
amount of reinforcement. The model has been applied only on the three test specimens 
presented in Figures 2 to 4, and was not included in the original comparative research 
based on the whole database, the results of which are shown in Table 1. 

3 Results 

3.1 Comparative evaluation of predictive capacity of the design equations 

The accuracy of the design models was assessed by their capacity to predict the ex-
perimental ultimate shear force of 129 walls with rectangular cross-section, from an 
assembled experimental database. The database is available in Moretti et al. (2019) 
[11]. In the evaluation process, nine code models and five other design models from the 
literature were compared. It is interesting to note that apart from the proposed model 
and the model of EN1988-3 [14], all the other design models have restrictions in their 
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applicability, related to the individual wall characteristics. Details on the predictive per-
formance of all 14 models considered are available in [11] and [22]. 

The performance of the proposed model and the three international code equations 
herein discussed was assessed by their capacity to predict the experimental ultimate 
shear resistance of tested shear walls. For assessing the accuracy of the shear predic-
tions, three statistic indices for the ratios  Vmod / Vexp, where Vmod is the predicted shear 
resistance by each model and Vexp is the experimental peak shear strength for the same 
wall, were calculated: (a) the Covariance, COV(= STDEV/MEAN), (b) the average 

value ( ) ( )1 / 100N
ii N∑ =∆ = ∆ × , where Δi =[(Vexp,i-Vmod,i)/Vexp,i]<0 of the model’s 

overestimation of peak shear strength of –i specimen, and (c) the average absolute error 
of the model’s prediction ( )mod, exp, exp,1 / / 100N

i i iiAAE V V V N∑ == − ×  for each –i wall 

specimen, where N is the total number of specimens considered in each case. 
Table 1 displays the statistical indices for the ratios Vmod / Vexp for the four models. 

The number, N, of specimens on which each model was applied is also displayed on 
the Table. Only the proposed model and EN1998-3 could be applied to all 129 speci-
mens of the database, as the specific models do not include any restrictions regarding 
the wall parameters. 

According to Table 1, among the four models discussed, the worst predictions are 
those of EN1998-1, based on truss analogy, a load carrying shear mechanism not ex-
pected to be predominant for RC walls that fail in shear. 

The performance of EN1998-3, which is supposed to be used for the assessment of 
existing structural elements, is not good either. Although the model has no restrictions 
in its application and could be applied on all 129 specimens of the database, a consid-
erable scatter between calculated and estimated shear strength values is observed. Also, 
this model results in considerable amount of unsafe predictions, indicated by ∆  despite 

the fact that it was generally taken: 0plµ∆ = . 
AIJ model results in the second best predictions. More details on the model are avail-

able in [11]. 
The proposed design model results in the best predictions. It is noted that the undis-

putable better performance of the proposed model was also verified against 14 design 
models in a broader database of 414 RC walls, which included also barbell walls. 

Table 1. Statistical indices for the ratio Vmod/Vexp for walls with rectangular section 

Design equations Number of  
specimens, N COV ΑΑΕ 

(%) 0∆ <  (%) 

Proposed model 129 0.164 15.7 7.2 
EN1998-1, DCM    [13] 97 0.491 43.1 59.4 
EN1998-3               [14] 129 0.423 32.1 26.5 
AIJ 2016        [11], [15] 97 0.250 19.8 21.5 
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3.2 Case studies on the estimation of shear resistance of RC walls that do not 
comply to modern design provisions 

In the following, some shortcomings typically encountered at the application of ex-
isting design equations for the assessment of shear resistance of RC walls with different 
reinforcement characteristics as compared to those prescribed by modern codes for new 
structures are discussed. Specific pertinent examples from tested shear walls are pro-
vided for RC walls with rectangular section, through comparison of their experimental 
peak shear strength to the predicted one. 

In Figures 2 to 4 the performance of the design models shown in Table 1 is compared 
for wall specimens from the literature. Moreover, the respective predictions of the 
Greek code EKOS2000 [16] are also shown. The predictions of EN1998-3 are indicated 
as EC8-3, while the predictions of EN1998-1 are indicated as EC8-1. 

On the Figures the value of the experimental peak shear strength, Vexp, is indicated 
with dashed line. When feasible, different symbols are used to mark the contribution of 
each shear transfer mechanism, i.e. types of reinforcement, concrete strut, axial force. 
In the EN1998-3 model the contributions of the individual carrying mechanisms cannot 
be unlinked, and therefore are not indicated separately. Similarly, in AIJ2016 the con-
tribution of the longitudinal reinforcement of the confined regions is included within 
the concrete strut, therefore both are depicted as concrete strut (in Figure 4). On each 
figure the following characteristics of the wall specimens are indicated, as defined in 
Figure 1: the wall geometric characteristics, bw, Lw, Hw, the shear ratio αs, the axial load 
ratio, ν (=N/(Lwbwfc), the compressive strength of concrete, fc, and the geometric rein-
forcement ratios of the longitudinal reinforcement of the confined regions, ρbe, as well 
as the ratios of horizontal web reinforcement, ρh, and of vertical web reinforcement, ρv. 

Absence of longitudinal reinforcement in the end sections ρbe=0. Figure 2 shows 
the predictions of the five models for a large- scale wall with low shear ratio, αs = 0.33 
and no axial force (ν = 0). The wall has normal concrete strength, f'c = 26.2 MPa. The 
web reinforcement ratio ρh = ρv = 0.0033 is larger than the minimum amount of web 
reinforcement required in the Greek code [16], which is: min(ρh, ρv) = 0.0025. The 
specimen does not include reinforced confined areas at the ends of the section (ρbe = 0). 
Hence truss-based models AIJ2016 and EN1998-1 cannot be applied for the estimation 
of shear strength, as the upper and lower chord of the truss cannot develop. This is 
indicated by symbol N.A. (=Not Applicable) on the X axis under the models’ names. 
For comparison purposes, the predictions of the two models are also shown on Fig. 2. 
Models EN1998-3 and EKOS2000 underestimate peak shear strength. The proposed 
model estimates very well the peak shear strength of this specimen: Vmod =1346 kN. 
According to the proposed model the major part of shear resistance is attributed to the 
concrete strut, i.e. Vstrut = 941 kN, followed by the contribution of the vertical web re-
inforcement, Vv = 352 kN, and only minor contribution of the horizontal web reinforce-
ment, Vh = 53 kN. This behavior stems from the particularly small value of the shear 
ratio. 
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Fig. 2. Prediction of shear resistance, VR, allocated to the shear resisting mechanisms consid-
ered by each model for a wall without without longitudinal reinforcement at the cross-section 

ends (ρbe= 0) 

No web reinforcement ρv=ρh=0 - High longitudinal reinforcement at ends of 
cross-section. Figure 3 displays the predictions for a wall with shear ratio αs = 1.08 and 
no axial force (ν = 0). The wall has moderate to high concrete strength, f'c = 40.3 MPa 
and has no web reinforcement (ρv = ρh =0). High longitudinal reinforcement ratio at 
both ends of the cross-section is present, ρbe = 8.31%. It is noted that the longitudinal 
reinforcement ratio at either end of the section is higher than the maximum allowable 
reinforcement ratio, max ρbe = 4%, prescribed by EKOS2000 and EN1998-1. The mod-
els of EN1998-1 and EKOS2000 cannot be applied (N.A) because of the absence of the 
web reinforcement. AIJ2016 is also not applicable because the presence of horizontal 
web reinforcement is a prerequisite for the model, however the peak shear force calcu-
lated from the equation of AIJ from the mechanism of concrete strut and the longitudi-
nal reinforcement at the end confined regions is indicated on Figure 3 for comparison 
purpose. Overestimation of AIJ2016 is simply attributed to the fact that it is not correct 
to apply the model when ρh = 0. It is observed that EN1998-3 underestimates consider-
ably the peak shear strength of the wall. The proposed model predicts exactly the peak 
shear strength of the specimen, Vmod =307 kN, by considering the contribution of the 
concrete strut, Vstrut =172 kN, and the contribution of the longitudinal reinforcement at 
the confined regions Vbe =135 kN. 
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Fig. 3. Prediction of shear resistance, VR, allocated to the shear resisting mechanisms consid-

ered by each model for a wall without web reinforcement (ρh = ρv = 0) 

High concrete strength-High longitudinal reinforcement at end section regions. 
Figure 4 presents a wall with shear ratio αs = 1.17, axial load ratio ν = 0.07, high con-
crete strength (fc = 70.3 MPa) and particularly high percentage of longitudinal rein-
forcement at the end regions ρbe = 9.57%, which is higher than the maximum allowable 
reinforcement ratio max ρbe = 4%, prescribed by EKOS2000 and EN1998-1. The web 
reinforcement ratio is more than twice the minimum amount prescribed by EN1998-1 
and EKOS2000 (min (ρv, ρh) = 0.0025). The values of the reinforcement characteristics 
render all the models applicable. With the exception of EKOS2000 which underesti-
mates the peak shear strength, the other four models result in good predictions of peak 
shear strength. AIJ2016 yields the best prediction, i.e. Vmod = 2063 kN. The proposed 
model slightly overestimates shear strength, i.e. Vmod = 2129 kN, with Vmod / Vexp = 1.02. 
EN1998-1 results in a slight underestimation, Vmod / Vexp = 0.97, while EKOS2000 in 
significant underestimation, Vmod / Vexp = 0.41. It is worth noting that EN1998-3 over-
estimates by 7% peak shear strength, i.e. Vmod = 2229 kN, while the code equation serv-
ing as an upper limit (to safeguard against concrete crushing) results in even higher 
shear resistance, VR,max = 2676 kN. 

Attention should be drawn on the importance of the contribution of each individual 
shear transfer mechanism included in the design equations. In case of wall specimen S3 
depicted in Figure 4, in the four models that reach similar peak shear strength estimates, 
the equations are completely different. For example, comparing between AIJ2016 and 
the proposed model, it is interesting to note both models calculated similar total shear 
contribution of strut and longitudinal reinforcement, while the remaining part of shear 
transfer is attributed in AIJ2016 model to the horizontal web reinforcement and axial 
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load, while in the proposed model mainly to the axial force and vertical web reinforce-
ment, and less to the horizontal web reinforcement. 

Therefore, the appropriateness of a model should be judged by its capacity to predict 
well the shear resistance of a large number of specimens with different characteristics, 
as is the case of the models applied in the whole database shown in Table1. 

Further on, it is worth mentioning that the introduction of an upper limit in shear 
resistance of RC walls is not apposite as it has been demonstrated [11,22-23]. This 
upper limit, although claimed to prevent from concrete crushing, similar to Moersch 
truss theory, in the case of RC walls it seems to serve exclusively towards safe predic-
tions –which, in fact, did not happen for specimen S3 (Fig. 4). 

Fig. 4. Prediction of shear resistance, VR, allocated to the shear resisting mechanisms consid-
ered by each model for a wall with high reinforcement ratios and high concrete strength 

The good predictions of the proposed model, for the three walls discussed, are 
achieved through the correct estimation of the contribution of the individual mecha-
nisms of load transfer to shear resistance, which have been determined over a broad 
range of values for the wall characteristics. 

4 Conclusions 

This paper addresses the prediction of peak shear strength of RC walls with rectan-
gular cross-section, which is known to be still an open issue. The lack of a generally 
accepted design model for shear resistance of RC walls has a more pronounced impact 
in the assessment of shear strength of older RC walls, which do not comply with the 
minimum required reinforcement detailing prescribed by modern codes. 
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A set of design equations is proposed and presented in detail. The model has no 
restrictions in its application and is capable of reliably estimating the shear strength of 
RC walls, irrespective of the wall reinforcement characteristics. Besides the proposed 
model, the performance of four other design code-based models is discussed in relation 
to their ability to predict the experimental peak shear strength of tested RC walls. It is 
shown that in case of RC walls with reinforcement characteristics that do not comply 
with modern codes, existing models fail to accurately predict shear capacity. 

The main problem of the existing design models is that they do not include all the 
individual characteristics of the RC walls which contribute to shear resistance. This 
shortcoming results in reduced predictive capacity, restrictions in applicability related 
to minimum reinforcement requirements, and also the need of introducing an upper 
limit in shear resistance, with no physical justification. 

The design equations presented in this paper model all the RC wall parameters that 
contribute to shear resistance. They are easy to apply and have no restrictions of ap-
plicability in terms of reinforcement detailing and geometry. Given the model’s supe-
rior performance, as compared to available design models, it is pertained that the pro-
posed model could be used for the assessment of shear resistance of existing substand-
ard RC walls in older structures. 

5 Acknowledgements 

Incentive for the research on shear resistance of RC walls, a part of which is pre-
sented in this paper, was the collaboration of the author with professor Susumu Kono 
and the researcher Taku Obara in Tokyo Institute of Technology (TIT), which was ren-
dered possible owing to the financial support through a year scholarship form Labora-
tory of Materials and Structures, Institute of Innovative Research, TIT, for the years 
2017-2018 and 2018-2019. 

References 

1. Antebi, J., Utku, S., and Hansen, R.J.: The response of shear walls to dynamic loads. De-
partment of Civil and Sanitary Engineering, Massachusetts Institute of Technology, Cam-
bridge, MA., 312 pp. (1960) 

2. Shiga, T., Shibata, A., and Takahashi, J.: Experimental study on dynamic properties of 
reinforced concrete shear walls. In: Proceedings, 5th World Conference on Earthquake 
Engineering, Rome, v.1, pp. 1157-1166 (1973) 

3. Hirosawa, M.: Past experimental results on reinforced concrete shear walls and analysis 
on them. Kenchiku Kenkyu Shiryo, No. 2, Building Research Institute, Ministry of Con-
struction, Tokyo, Japan, 279 pp. (in Japanese) (1975) 

4. Sato, S., Ogata, Y., Yoshizaki, S., Kanata, K., Yamaguchi, T., Nakayama, T., Inada, Y., 
Kadoriku, J.: Behavior of shear walls using various yield strength of rebar, part 1: An 
experimental study. In: Proceedings, Tenth International Conference on Structural Me-
chanics in Reactor Technology, H09/01, Anaheim, C.A., pp. 233-238 (1989) 

5. Carrillo, J., and Alcocer, S. M.: Shear strength of reinforced concrete walls for seismic 
design of low-rise housing. ACI Structural Journal, 110(3), 415-425 (2013) 



Substandard Reinforced Concrete Walls with Rectangular Cross-section:  
Assessment of Shear Resistance 193 

 

 

6. Kassem, W.: Shear strength of squat walls: a strut-and-tie model and closed-form design 
formula. Engineering Structures, 84, 430-438 (2015) 

7. Mau, S., T., Hsu, T., T., C.: Shear behavior of reinforced concrete framed wall panel with 
vertical loads. ACI Structural Journal, 84(3), 228-234 (1987) 

8. Architectural Institute of Japan: Design guidelines for earthquake resistant reinforced con-
crete buildings based on inelastic displacement concept (1999) 

9. Krolicki, J., Maffei, J., and Calvi, G. M.: Shear strength of reinforced concrete walls sub-
jected to cyclic loading. Journal of Earthquake Engineering, 15(S1), 30-71 (2011) 

10. Wood, S. L.: Shear strength of low-rise reinforced concrete walls with boundary elements. 
ACI Structural Journal, 87(1), 99-107 (1990) 

11. Moretti, M.L., Kono, S., Obara, T.: On the shear strength of reinforced concrete walls. 
ACI Structural Journal 117(4), 293-304 (2021) 

12. Gulec, C.K., Whittaker, A.S. Empirical equations for peak shear strength of low aspect 
ratio reinforced concrete walls. ACI Structural Journal 108(1), 80-89, (2011) 

13. ΕΝ 1998-1:2004, Eurocode 8: Design of structures for earthquake resistance, part 1: Gen-
eral rules, seismic action and rules for buildings. European Committee for Standardiza-
tion, Brussels, Belgium (2004) 

14. EN 1998-3, Eurocode 8: Design of structures for earthquake resistance, part 3: Assess-
ment and retrofitting of buildings. European Committee for Standardization, Brussels, 
Belgium (2005) 

15. Architectural Institute of Japan. AIJ Standard for Lateral Load-Carrying Capacity Calcu-
lation of Reinforced Concrete Structures (Draft), Tokyo, Japan, (2016) 

16. Greek Code for Reinforced Concrete, EKOS2000, in Greek (2000) 
17. EN 1992-1-1. Eurocode 2: Design of concrete structures - Part 1-1: General rules and rules 

and rules for buildings. European Committee for Standardization, Brussels, Belgium 
(2004) 

18. Tassios, T.P., Moretti, M., Bezas, A. On the behavior and ductility of reinforced concrete 
coupling beams of shear walls. ACI Structural Journal, 93(6), 711-720 (1996) 

19. Moretti, M., Tassios, T.P. Behaviour of short columns subjected to cyclic shear displace-
ments: Εxperimental results. Engineering Structures, 29(8), 2018-2029 (2007) 

20. Barda, F., Hanson, J.M., Corley, W.G. Shear strength of low-rise walls with boundary 
elements. Reinforced Concrete Structures in Seismic Zones, SP-53, Hawkins, N.M., 
Mitchell, D. (eds.), American Concrete Institute, Farmington Hills, MI, pp. 149-202 
(1977) 

21. ASCE/SEI 43-05. Seismic Design Criteria for Structures, Systems and Components in 
Nuclear Facilities. American Society of Civil Engineers, Reston, VA (2005) 

22. Moretti, M.L., Kono, S., Obara, T. Design equations for ultimate shear capacity of rein-
forced concrete walls. 17th World Conference on Earthquake Engineering, 17WCEE, 
Sendai, Japan, 13-18 September (2020) 

23. Moretti, M.L. Assessment of shear strength of reinforced concrete walls: Is an upper limit 
apposite? A. Ilki et al. (Eds.): fib Symposium 2023, LNCE 350, pp. 1300-1309 (2023) 

24. Moretti, M., Tassios, T.P. Behavior and ductility of reinforced concrete short columns 
using global truss model. ACI Structural Journal, 103(3), 319-327 (2006) 

25. FEMA 306. Evaluation of Earthquake Damaged Concrete and Masonry Wall Buildings: 
Basic Procedures Manual. Prestandard and Commentary for the Seismic Rehabilitation of 
Buildings, Federal Emergency Management Agency, Washington, DC (1999) 

26. Luna, B.N., Rivera, J.P., Whittaker, A.S. Seismic behavior of low-aspect-ratio reinforced 
concrete shear walls. ACI Structural Journal, 112(5), 593-603 (2015) 



194 Technical Annals Vol 1 No.6 (2024) 

 

27. Cardenas, A.E., Russel, H.G., Corley, W.G. Strength of low-rise structural walls. Rein-
forced Concrete Structures Subjected to Wind and Earthquake Forces, SP-63, American 
Concrete Institute, Farmington Hills, MI, pp. 221-241 (1980) 

28. Park, H.G., Baek, J.-W., Lee, J.-H., Shin, H.-M. Cyclic loading tests for shear strength of 
low-rise reinforced concrete walls with grade 550 MPa bars. ACI Structural Journal 
112(3), 299-310 (2015) 

 



195 

 

14 - 36945 

Seasonal Variation of VS at Shallow Depth and  
Nonlinear Behavior of Soil Based on the ARGONET 

Vertical Array Data 

Zafeiria Roumelioti1[0000-0001-5038-3052] and Fabrice Hollender2[0000-0003-1440-6389] 

1Department of Geology, University of Patras, 26504 Rio, Patras, Greece 
2CEA DES, DIMP, DCET, SESN, Cadarache, 13108 Saint-Paul-lez-Durance, France / UGA, 

USMB, CNRS, IRD, UGE, ISTerre, 38000 Grenoble, France 
zroumelioti@upatras.gr, fabrice.hollender@cea.fr 

Abstract. Ground acceleration time histories from earthquakes recorded by the 
ARGONET vertical array in Cephalonia, Greece, in the period from July 2016 to 
April 2022, are analyzed seeking evidence for nonlinear behavior of the shallow 
soil layers. Shear waves velocity, VS, between the shallowest sensor pair of the 
vertical array, i.e., within the top 5.6 m of the soil column, is derived for each 
earthquake record using the method of interferometry by deconvolution. The 
temporal variation of VS values is compared with indicators related to soil mois-
ture and this leads to the identification of a clear difference in the level of the 
measured values between periods of intense rainfall and the dry summer months. 
Lower velocities, even lower than the level of VS during rainy periods (7-13% of 
the annual average), are obtained based on the strongest records of the analyzed 
sample. These low velocities are considered as indicators of nonlinear soil be-
havior, the threshold onset of which is difficult to determine without prior cor-
rection for the seasonal variation. The applied method can provide a detailed de-
scription of VS changes even during a single earthquake. Examples are provided 
on how nonlinear soil behavior may be manifested by a sudden VS value drop at 
the arrival of the strongest seismic phases. 

Keywords: shear-wave velocity, interferometry, soil response 

1 Introduction 

The phenomenon of nonlinear soil behavior during strong seismic shaking has been 
recognized for decades, initially through laboratory experiments and later directly in 
seismic recordings (e.g. [1],[2],[3],[4],[5]). In seismic recordings, evidence of the phe-
nomenon is usually sought through the comparative study of spectral ratios from re-
cordings of strong and weaker earthquakes (e.g., a mainshock and its pre- and after-
shocks) in the vicinity of a seismogenic fault. The nonlinear ground behavior is often 
imprinted as a "distortion" of the earthquake spectrum with energy shifting from higher 
to lower frequencies and a simultaneous reduction of spectral amplitudes in the natural 
frequency range of the ground column at the site (e.g. [6],[7]). 
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In the present study, the phenomenon of nonlinear soil behavior is investigated in 
changes of the shear wave velocity, VS, in the shallowest meters of the soil column 
(upper 5.6 m) at the location of the ARGONET vertical accelerometer array in Ar-
gostoli, Cephalonia. The method applied is seismic interferometry by deconvolution 
and the aim is to identify unusually low VS values that could be used as indicators for 
further analysis of the recordings in terms of their correlation with nonlinear soil be-
havior phenomena. 

2 Data 

2.1 The ARGONET Vertical Array of Accelerometers 

The data set analyzed was obtained from the vertical accelerometer array of the AR-
GONET infrastructure in Argostoli, Cephalonia [8]. The array was installed in July 
2015, initially comprising a surface accelerometer (CK00) mounted on a small concrete 
slab within a specially constructed wooden shelter and three borehole accelerometers 
at depths of 15.5, 40.1 and 83.4 m (CK15, CK40 and CK83, respectively). All accel-
erometers are of the Episensor Force Balance type from Kinemetrics. One year after 
the launching of the array (July 2016), another accelerometer was added in a 5.6 m deep 
borehole (CK06). Since their installation, the accelerometers have been continuously 
recording (with only short interruption intervals for individual instruments due to vari-
ous technical problems) the ground motion at a rate of 200 samples per second. More 
information on the installation and geotechnical details of the site are provided in [8]. 
The ARGONET infrastructure database is open access and available through the web-
site https://argonet-kefalonia.org/data/argonet_data/. 

The data analyzed in this work are from the shallowest pair of accelerometers in the 
array, i.e. CK00 (0 m) and CK06 (5.6 m). Based on the available geological and ge-
otechnical data, the medium between the two accelerometer locations consists of arti-
ficial fill (sandy-silty gravel, occasional large stones) to a depth of ~2 m, which overlies 
a ~6 m thick horizon of lake sediments (silty sand, sandy silt and clay). At greater 
depths, alternations of clay, silt and marl are encountered, which gradually transition to 
sandy-marly limestones, whereas at 83.5 m the Cretaceous limestone, considered the 
geotechnical bedrock of the area, occurs. 

2.2 Description of Data – Initial Processing 

The analyzed dataset includes 1524 horizontal ground acceleration component pairs 
(North-South and East-West directions, as available in the ARGONET database) cor-
responding to 762 earthquakes that occurred in the period July 2016 - April 2022, with 
local magnitude ML=1.4-6.6 and epicentral distances R=2-180 km. Most records are of 
weak seismic motion, with only 5 of them exceeding 100 cm/s2 at the surface station 
CK00. The main parameters of these recordings and the earthquakes that caused them 
are summarized in Table 1. The focal parameters of the examined earthquakes were 
taken from the catalogue of the Geodynamic Institute of the National Observatory of 
Athens (https://bbnet.gein.noa.gr/HL/databases/database). 
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Table 1. Basic parameters of the strongest strong ground motion records included in the analy-
sis and of their causative earthquakes (in increasing PGA at the surface station CK00) 

Date_Time Lat Lon h(km) ML R PGA_CK00 PGA_CK06 
20170501_110241 38.224 20.548 4.1 3.7 8 169.2 116.5 
20181025_225449 37.341 20.512 9.9 6.6 91 149.7 107.4 
20160919_035945 38.112 20.363 21.6 4.4 14 139.8 118.6 
20200119_025209 38.168 20.748 6.9 4.8 21 119.4 58.1 
20211119_132704 38.209 20.294 15.5 4.8 19 107.1 92.8 

The set of horizontal recordings of stations CK00 and CK06 analyzed were corrected 
for base level and to remove possible linear trends over their entire duration. Then, a 
portion of each record with a duration up to the time when 75% of the Arias intensity 
is observed was automatically selected. In this way, part of the surface and coda waves 
were cut off, retaining most of the S waves [9], to avoid cases of highly energetic sur-
face waves that could lead to surface wave velocity measurements instead of the re-
quested VS. Finally, a 2nd order Butterworth-type band-pass filter was applied in the 
frequency range 0.5-20 Hz, where the signal-to-noise ratio is sufficient to lead to relia-
ble results even in the weaker recordings considered. The values of the signal-to-noise 
ratio in different frequency intervals are provided in the metadata file accompanying 
the recordings data (https://argonet-kefalonia.org/data/argonet_data/). 

3 VS Velocity Using Interferometry by Deconvolution 

3.1 Method 

The method that was used to determine VS within the top 5.6 m at the ARGONET 
site is the interferometry by deconvolution ([5],[10],[11],[12]). Through the deconvo-
lution of the borehole seismic recording from the surface one, it is possible to determine 
the travel velocity of the seismic waves pulse in the between the two stations distance. 
This velocity corresponds to the dominating in terms of energy/amplitude seismic 
phase, which in the selected parts of the seismic recordings is expected to be the S-
wave phase. The mathematical description of the result of the deconvolution of the re-
cording at the location of a station j to that of a station i is: 

 𝐷𝐷𝑗𝑗−𝑖𝑖(𝑡𝑡) = 𝐹𝐹𝑇𝑇−1 �
𝐴𝐴𝑗𝑗(𝜔𝜔)

𝑐𝑐𝑎𝑎𝑚𝑚�𝐴𝐴𝑖𝑖(𝜔𝜔),   𝑘𝑘�|𝐴𝐴𝑖𝑖(𝜔𝜔)|,   
𝐴𝐴𝑖𝑖(𝜔𝜔)
�𝐴𝐴𝑖𝑖(𝜔𝜔)��𝑚𝑚𝑎𝑎𝑚𝑚

�
�

 

 (1) 

where ω is the angular frequency, 𝐴𝐴𝑗𝑗(𝜔𝜔) the Fourier transform of the recording at 
station j, 𝐴𝐴𝑖𝑖(𝜔𝜔) the Fourier transform of the «reference» i station and k a parameter that 
stabilizes the deconvolution procedure in the frequency domain by defining a minimum 
frequency amplitude, which in our application was set to 10% of the mean spectral 
amplitude [13]. 

The result of the deconvolution through Equation (1) is the required pulse, which is 
then used, for example through its peak value, to measure its travel time from the loca-
tion of accelerometer j to that of accelerometer i. Knowing the distance between the 
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two accelerometers, the time measurement is converted into a measurement of the ve-
locity VS in the intervening material. To avoid cases of erroneous measurements due to 
e.g. double earthquakes or noisy interferograms, a quality criterion was set that the 
pulse peak should be at least 1.5 times larger than the next in amplitude peak appearing 
in the interferogram. In addition, all interferograms were visually inspected to ensure 
the quality of the measurements. 

An example of the process of measuring the seismic wave pulse velocity is shown 
in Figure 1. In this example, the results have been obtained from the recordings of an 
M3.9 earthquake, the epicenter of which was located 45 km from the ARGONET loca-
tion (01/02/2019, 05:02GMT). The bottom part of Figure 1 clearly shows the pulse of 
the waves propagating towards the surface (upward pulse; negative part of x-axis), but 
also that of the waves reflected at the ground surface and returning propagating down-
ward (downward pulse; positive part of x-axis). The measurements in this study were 
based on the upward propagating waves and the points considered for measuring the 
pulse travel time are marked in the example in Figure 1 with red circular symbols. 

Fig. 1. Example results of the interferometry by deconvolution method using the recordings of 
a M3.9 earthquake (February 01, 2019, 05:02GMT) at epicentral distance of 45 km from the 
ARGONET site. Red circular symbols denote the pulse peaks that have been used to measure 

the travel velocity of the seismic waves pulse, Δt, for the distance Δh and ultimately of VS 

3.2 Application and Results 

Of the total 1524 pairs of records examined, 1318, corresponding to 659 earthquakes, 
met the quality criteria mentioned in the previous section. These values, as calculated 
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for the East-West component are presented in Figure 2. The results for the North-South 
component are not presented for reasons of space economy, but it has been checked and 
confirmed that they lead to the same conclusions as described below. 

 
Fig. 2. Temporal variation of a) the daily precipitation height at a station of the Hellenic Na-
tional Meteorological Service in Argostoli and b) the VS values measured by seismic interfer-
ometry. The dotted blue line indicates the average VS value calculated for the location of the 

ARGONET array 

The main conclusion from observing the results in Figure 2 is that the measured 
quantity (VS) in the upper 5.6 m of the soil column in ARGONET shows significant 
variation with time. The mapped values vary between 138 and 175 m/s, around the 
mean value of 154 m/s. The temporal variation is not random but shows repeatability 
with a period of one year. In a previous work [12], a correlation of these discrete periods 
with precipitation and indirectly with the moisture content of the shallow subsurface 
was found. In Figure 2 we contrast the VS results with daily precipitation data provided 
by the Hellenic National Meteorological Service (http://www.hnms.gr) for its perma-
nent station in the Argostoli area. The comparison of the two distributions confirms 
over almost 6 hydrological cycles the existence of the previously mentioned correlation, 
with the lowest VS values occurring abruptly after the onset of intensive rainfall of each 
hydrological cycle, and the highest during the dry summer months. 

The observation of the correlation between the variations of VS values and the hy-
drological cycle led to the decision to reinforce the ARGONET infrastructure with a 
meteorological station and a soil moisture meter. The ARGONET meteorological 
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station, installed at the Ionian University premises, at ~1 km from the vertical accel-
erometer array, and the soil moisture meter (type SoilVUE10 - 1 m, Campbell Scien-
tific), installed at the vertical array site, have been operating with continuous recording 
since July 2021. Figure 3 compares the VS values corresponding to earthquakes in the 
period July 2021-April 2022, the rainfall data from the ARGONET meteorological sta-
tion (hourly measurements) and the soil moisture measurements (% of volume) at 0.75 
m depth for the corresponding period. The vertical dashed line marks the abrupt change 
in the level of measured VS values, which coincides with a sharp increase in soil mois-
ture after the first heavy rainfall in October 2021. 

 
Fig. 3. Comparison of a) the precipitation height (hourly measurements) recorded at the newly 
installed ARGONET meteorological station, at ~1 km from the location of the accelerometer 
array, with b) soil moisture measurements at the ARGONET site at 0.75 m depth and c) the 

temporal variation of VS values calculated from earthquake data in the period July 2021 - April 
2022. The vertical dashed line marks the time of the abrupt change in the level of measured VS 
values, which coincides with the onset of the strong and prolonged rainfall of the hydrological 

cycle and the consequent increase in soil moisture 

A second observation with respect to Figure 2 is the presence of some VS values at 
levels even lower than the lowest of seasonal variation. These values are found to be 
associated with the strongest (in terms of PGA) records of the analysed sample. In 
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Figure 4, the VS values obtained from the five waveforms of the sample with PGA at 
the surface stations CK00 >100 cm/s2 are marked with red triangular symbols. The 
correlation of these VS values with the intensity of ground vibration indicates a decrease 
in VS due to non-linear soil behavior. 

 
Fig. 4. Temporal variation of VS calculated by the interferometry method (as in Figure 2b) 

where red triangular symbols indicate the values obtained based on the 5 strongest records of 
the studied dataset (Table 1, PGA at surface station CK00 > 100 cm/s2). The corresponding 

PGA value at station CK00 (in cm/s2) is noted below the individual symbols 

The five earthquakes corresponding to the red symbols in Figure 4 were further an-
alysed through seismic interferometry, performing calculations in different time win-
dows in order to obtain the time history of the VS variation during the individual events. 
The calculations were initially performed with a time window of 3s duration, starting 
at the beginning of each recording. In subsequent steps, the duration of the window was 
gradually increased (with a step of 0.1s) until the duration of the strong ground motion 
was exceeded. The results of this analysis are mapped as red curves in Figure 5 for 2 
example events. The top of each plot shows the accelerogram at station CK00. The 
black curves in the plot of VS values with time correspond to the results obtained when 
instead of a time window of steadily increasing duration, a window of constant duration 
(3s) was used, which, however, was shifted with a constant step (0.1s) to the right of 
the time axis. The results of the two approaches in the plots in Figure 5 are comparable 
up to the region where VS takes the lowest values (~10s in 5a and at 5-7s in 5b). From 
there on, the increasing duration window maintains the low value, which proves that 
the effect of the applied method is modulated by the more active seismic phase. In 
contrast, the shifting but constant-duration window gradually enters the region of the 
coda waves and the level of the measured VS starts to rise, indicating the return of the 
ground behavior to the linear region. The VS drop for the 5 earthquakes studied was 
found to be of the order of 10-20 cm/s2 for the sediment thickness (5.6 m) studied, i.e. 
~7-13% of the annual average VS value. 
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a) 

b) 
Fig. 5. Examples of VS variation analysis during individual earthquakes, namely a) the M4.4 
earthquake that occurred at a distance of ~14 km from ARGONET on 19/09/2016 and b) the 
M3.7 earthquake that occurred at a distance of ~8 km on 01/05/2017. The top panel maps the 

time history of the ground acceleration in the East-West component of CK00, whereas the bot-
tom panel maps the VS variation with time. The interferometry was applied to individual time 
windows that either gradually increased in duration starting from a minimum duration of 3s at 
the beginning of the record and including a progressively longer part of it (red curves), or were 

of fixed duration (3s) but moving at steps of 0.1s to the right (black curves) 

4 Conclusions 

In this paper, the ground acceleration records of 659 earthquakes obtained at the 
surface and the 5.6m-deep borehole station of the ARGONET vertical array in Ar-
gostoli, Cephalonia, during the period July 2016 - April 2017 were analysed. The aim 
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was to apply the seismic interferometry by deconvolution method to calculate the shear 
wave velocities in the upper 5.6 m of the soil column at the recording site and to inves-
tigate possible velocity variations that could indicate non-linear soil behaviour. The 
analysis revealed a significant seasonal variation in the measured values, clearly corre-
lated with the variation in rainfall and soil moisture. At least 5 cases of VS values at a 
level lower than even the lower limit of the seasonal variation were identified in the 
analysed data set. These values correspond to the 5 strongest records in the sample 
(PGA = 107.1-169.2 cm/s2), which were further studied in terms of VS variation over 
their duration. A detailed analysis of the VS time history reveals a clear decrease in its 
value during the passage of the strongest shear waves, which in the analysed data 
reached up to 13% of the annual average VS value at the ARGONET site. This drop is 
attributed to effects of non-linear soil behaviour. 

In the international literature one can find several different estimates of the value of 
PGA that defines the onset of non-linear soil behaviour. Indicative values are 100-200 
cm/s2 [6], ~60 cm/s2 [14], 50 cm/s2 [4], 35 cm/s2 [3]. The results of the present study 
highlight the need to understand and correct the effect of the seasonal variation of VS in 
order to establish the true threshold of the onset of nonlinear soil behaviour. Although 
at the strongest records the effect is strong enough to be detected, at lower levels of 
ground shaking it may be obscured by the effect of seasonal variation of VS and become 
undetectable. In addition, it is of interest to investigate the role of VS level at the onset 
of nonlinear behavior, e.g., if the margin for nonlinear behavior is greater during dry 
months, when VS levels are at their maximum. 

The aim of future research is the physical interpretation of the phenomenon of sea-
sonal variation in VS, and the study of its effects on the amplitudes and frequency con-
tent of ground motion. By removing the seasonal variation from the measured values, 
it is expected to better highlight the low VS values that, according to this work, indicate 
non-linear soil behaviour. With the continued operation of the ARGONET infrastruc-
ture and the ongoing recording of numerous data, it will be possible to quantify the 
phenomenon even at low levels of ground vibration. 
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Abstract. The development of a reliable method for the rapid assessment of the 
expected level of seismic damage of buildings constructed in countries with high 
seismicity areas is one of the crucial issues of current research, so that the author-
ities can take the necessary decisions for their rehabilitation or retrofit. A new 
approach to the problem is the application of methods that fall within the field of 
Artificial Neural Networks (ANNs). In this paper, an application of ANNs is at-
tempted to predict the level of seismic damage in reinforced concrete frames. For 
this purpose, 27 frames with different structural characteristics were selected, de-
signed and analyzed by nonlinear dynamic analysis. Then, ANNs were used to 
test their ability to reliably predict the level of seismic damage. The parameters 
that configure the networks were also investigated and their performance was 
evaluated using a number of metrics. The results showed that the optimal network 
can estimate the seismic damage level with significant reliability, provided that 
the training sample and the network modeling parameters are properly selected 
through a testing procedure. 

Keywords: Seismic Damage Assessment, Artificial Neural Networks, Machine 
Learning, Reinforced Concrete Buildings 

1 Introduction 

One of the most important and topical scientific issues in the field of seismic engi-
neering is the assessment of the structural response of buildings subjected to seismic 
excitations. To date, a large number of researchers have addressed this issue and several 
different methods have been proposed for the seismic assessment of structures. Many 
of these methods focus on the rapid estimation of seismic damage and seismic vulner-
ability of buildings without the requirement of performing time-consuming nonlinear 
analyses (e.g. [1-4]). These methods, which use practices based on the application of 
statistical theory, have two main drawbacks: they cannot always reliably account for 
complex nonlinear relationships between the parameters describing the problem and 
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they are unable to adequately solve complex problems involving a large number of 
variables. In recent decades, the increase in computer power has led to the development 
of modern statistical methods based on the adoption of artificial intelligence and ma-
chine learning algorithms. These algorithms achieve seismic response estimation by 
extracting patterns from data collected or generated through measurements or analyses. 
Modern research on these methods has revealed that they can provide a fast, reliable 
and computationally easy way to evaluate buildings' seismic damage and that they can 
be used as an effective alternative to conducting demanding and time-consuming anal-
yses (e.g. [5-6]). 

A significant number of published research papers have focused on predicting the 
level of seismic damage of buildings by applying machine learning methods, especially 
Artificial Neural Networks (ANNs). A detailed literature review of the most important 
works in the field of applying machine learning methods for structural damage assess-
ment was carried out by Harirchian et. al [7], Xie et. al [8] and Sun et. al [9]. In the 
following, a brief review of some of the most important related research works is given. 
Molas and Yamazaki [10] were among the first researchers to study the ability of ANNs 
to accurately predict the seismic damage of wooden structures. Stephens and 
VanLuchene [11] trained ANNs to use them to estimate the damage level of reinforced 
concrete buildings expressed through Park and Ang's damage index. Latour and Omen-
zetter [12] investigated the ability of ANNs to reliably estimate the seismic damage of 
planar reinforced concrete frames using the results of nonlinear dynamic analyses. 
Rofooei et al. [13] used data from nonlinear dynamic analyses of reinforced concrete 
frames to investigate the effect of structural and seismic characteristics on the predictive 
ability of the ANNs. Kostinakis, Morfidis et al., in a series of research papers [14-20], 
attempted to assess the reliability of the ANNs in terms of estimating the seismic re-
sponse of reinforced concrete buildings. In addition, they examined the optimal number 
and combination of input parameters through which the most accurate seismic damage 
prediction can be achieved, the influence of the parameters used for the design and 
training of the networks on the effectiveness of their predictions, and the effect of the 
presence of masonry infills on the results. From this work, it was generally concluded 
that ANNs have the potential for relatively reliable real-time predictions of the level of 
seismic damage of buildings, as long as a sufficiently large database is available to train 
them. 

Thus, in the context of the present study, a pilot application of ANNs for the assess-
ment of the seismic damage level of reinforced concrete (r/c) frames designed accord-
ing to the provisions of EC2 [21] and EC8 [22] was attempted. For this purpose, 27 r/c 
frame buildings with different structural characteristics, such as the number of storeys 
and number and length of openings, are selected, designed and analysed using Nonlin-
ear Time History Analysis (NTHA). These buildings were analysed for 65 seismic ex-
citations obtained from relevant international databases. From the analyses, their global 
damage index in terms of Maximum Interstorey Drift Ratio (MIDR) was calculated. 
This created a large training database with 1755 records. Subsequently, based on the 
above training sample, perceptron-type ANNs were used to investigate their ability to 
reliably estimate the seismic damage levels. The problem was formulated as a pattern 
recognition problem, which means that the aim is to predict the classification of frame 
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to pre-defined seismic damage categories on the basis of the value of the MIDR. The 
parameters that configure the networks were also investigated and their performance 
was evaluated using a number of metrics. The results of the investigation showed that 
the optimal network can estimate the seismic damage level with significant reliability 
provided that the training sample, as well as the network configuration parameters, are 
properly selected through a process of testing and optimization. 

2 Artificial Neural Networks (ANNs) 

The Artificial Neural Networks (ANNs) are complex computational tools which are 
capable to handle problems using the general rules of the human brain functions. Thus, 
using ANNs it is possible to approximate the solution of problems such as the pattern 
recognition and the function approximation problem. The ANNs’ function is based on 
the combined action of interconnected processing units that are called artificial neurons 
(Fig. 1(a)). The artificial neuron receives input signals (x1, x2,…., xm) and transform 
them to an output signal (yk) through the use of an adder (which adds the products of 
the input signals by the respective synaptic weights (wk1, wk2,…., wkm) of neuron’s syn-
apses) and the use of an activation function (which has as argument the uk that results 
from the adder and transforms it to the output signal yk). For details about the inputs 
and outputs of the present investigation see Section 3. Note that the problem was for-
mulated as a pattern recognition problem, which means that the aim is to predict the 
classification of frames to pre-defined seismic damage categories on the basis of the 
value of the MIDR. In this case, the output is the classification of a r/c frame which is 
subjected to a seismic excitation into pre-defined seismic damage classes. Thus, the 
unknown function (which the ANNs have to approach) has as output a vector which is 
used for the mapping between the values of the global damage index in terms of MIDR 
and the predefined damage classes (see for example Fig. 2). Synaptic weights are nu-
merical values that determine the strength and direction of the impact of one neuron on 
another. The activation function is a function that calculates the output of the network 
based on its individual inputs and their weights. Fig. 1(b) presents the typical configu-
ration of a MFP type ANN with four layers of neurons (input layer, two hidden layers 
and output layer). The hidden layer is a series of artificial neurons that processes the 
inputs received from the input layers before passing them to the output layer. The solu-
tion of problems using ANNs is accomplished if they have been trained using the train-
ing algorithms. These algorithms are procedures which require a set of n input vectors 
x and the corresponding to them n output vectors d that called target vectors. The n 
pairs of vectors x and vectors d constitute the training dataset. During the training pro-
cedure the values of the synaptic weights (w) are successively altered until the error 
vector that is produced by the ANN is minimized. 
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Fig. 1. The typical artificial neuron (a) and typical configuration of a Multilayer Feedforward 
Perceptron (MFP) network (b) 

 

Fig. 2. General form of output vectors o (three damage classes) 

3 Formulation of the Problem 

3.1 Steps of the Methodology 

The procedure adopted in order to formulate the problem in terms compatible with 
ANNs' methods consists of the following steps: 

● Generation of the training dataset: selection of a sufficient number of representa-
tive r/c frames, design and modeling of the inelastic properties of the buildings 
and selection of seismic records. 

● Selection of the input parameters of the problem (structural and seismic param-
eters). 

● Conduction of NTHA, in which the buildings are analysed for the selected seis-
mic records and the level of the seismic damage is determined in terms of an 
appropriate seismic damage index, which is selected as the output (target) pa-
rameter of the ANNs. 
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3.2 Generation of the Training Dataset 

Selection, design and modeling of the inelastic properties of the frame buildings 

For the generation of the training dataset, 27 r/c frames were chosen, which are dif-
ferentiated from each other in terms of the following characteristics: 

● Number of storeys (height of frame): 3, 5 and 7 storeys. 
● Number of openings: 3, 5 and 7 openings. 
● Opening length: 3.0, 4.5 and 6.0 m. 

For the frames' modeling all basic recommendations of EC8 [22], such as the rigid 
zones in the joint regions of beams/columns and the values of flexural and shear stiff-
ness corresponding to cracked r/c elements were taken into consideration. It also must 
be noted that the frames were considered to be fully fixed to the ground. The frames 
were designed considering static vertical as well as earthquake loads using the modal 
response spectrum analysis (for soil category C and PGA=0.24g), as described in EC8 
[22]. The r/c structural elements were designed following the provisions of EC2 [21] 
and EC8 [22] and considering the following materials: concrete C20/25 and steel 
B500c. After the frames' design, the modeling of their inelastic properties was made 
with the aid of lumped plasticity models (plastic hinges) at the column and beam ends. 

Earthquake Records 

A suite of 65 pairs of horizontal earthquake excitations obtained from the European 
[23] and the PEER [24] strong motion databases was used as input ground motion for 
the analyses which were performed in order to generate the networks’ training dataset. 
The seismic excitations, which have been chosen from worldwide well known sites 
with strong seismic activity, were recorded on Soil Type C according to EC8 [22]. The 
ground motion set employed was intended to cover a variety of conditions regarding 
tectonic environment, modified Mercalli intensity and closest distance to fault rapture, 
thus representing a wide range of intensities and frequency content. The elastic spectra 
of the ground motions are shown in Fig. 3. 

 
Fig. 3. Elastic spectra of the seismic motions 
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3.3 Inputs 

The parameters which describe the problem of the assessment of the r/c buildings' 
seismic damage can be categorized in two classes: the structural parameters and the 
seismic parameters. 

Structural Parameters 

The response of r/c structures to seismic excitations and, therefore, the assessment 
of the expected level of structural damage, is a multiparametric problem which depends 
on an extremely large number of structural parameters. Thus, the problem of selecting 
the appropriate structural parameters that most influence the behaviour of a building 
under seismic excitation has no single solution. The use of ANNs gives a greater flexi-
bility, as it is possible to use any number of structural parameters that is desired (see 
e.g. [12]). In the context of this paper, three structural parameters with three different 
values each (total number of frames: 3⊕3⊕3=27) were considered as an approach to 
solve the problem: 

● Number of storeys (height of frame): 3, 5 and 7 storeys. 
● Number of openings: 3, 5 and 7 openings. 
● Opening length: 3.0, 4.5 and 6.0 m. 

Seismic Parameters 

As regards the seismic parameters which are used to describe the seismic excitations 
and their impact to structures, there are many definitions which are resulted from the 
analysis of accelerograms records (see e.g.[25]). These parameters can be classified 
into: (a) seismic parameters determined from the time histories of the records and (b) 
seismic parameters determined from the response spectra of the records. The reasons 
for the proposal of the large number of seismic parameters are the complexity of both 
the earthquake phenomenon and the complexity of the response of structures to seismic 
excitations. At this point, it is worth emphasizing the fact that the possibility of the 
ANNs to consider large numbers of parameters as inputs relieves the need to select only 
one specific seismic parameter, which may not be the most appropriate for the optimal 
correlation of the seismic intensity to the level of buildings' structural damage. For the 
investigation conducted in the present study, the seven seismic parameters presented in 
Table 1 have been chosen. These parameters have been widely used in scientific liter-
ature for the quantification of strong motions' intensity. 
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Table 1. Seismic parameters 

Ground Motion Parameter Calculation procedure Remarks 
Peak Ground Acceleration: 

PGA max|a(t)| a(t), v(t) and d(t): 
acceleration, 

velocity and dis-
placement time his-

tory 
ttot: total duration of 
the ground motion 

Sa: acceleration 
spectrum 

PSV: pseudoveloc-
ity spectrum 

ξ: damping ratio 

Peak Ground Velocity: PGV max|v(t)| 

Peak Ground Displacement: 
PGD max|d(t)| 

Arias Intensity: Ia 𝐸𝐸𝑎𝑎 = �
𝜋𝜋

2𝑔𝑔
� ⋅ � [𝑎𝑎(𝑡𝑡)]2𝑑𝑑𝑡𝑡

𝑢𝑢𝑡𝑡𝑡𝑡𝑡𝑡

0
 

Cumulative Absolute Veloc-
ity: CAV 𝐶𝐶𝐴𝐴𝐶𝐶 = � |𝑎𝑎(𝑡𝑡)|𝑑𝑑𝑡𝑡

𝑢𝑢𝑡𝑡𝑡𝑡𝑡𝑡

0
 

Acceleration Spectrum Inten-
sity: ASI 𝐴𝐴𝑆𝑆𝐸𝐸 = � 𝑆𝑆𝑎𝑎(𝜉𝜉 = 0.05,𝑇𝑇)𝑑𝑑𝑇𝑇

0.5

0.1
 

 

Housner Intensity: HI 𝐻𝐻𝐸𝐸 = � 𝑃𝑃𝑆𝑆𝐶𝐶(𝜉𝜉
2.5

0.1
= 0.05,𝑇𝑇)𝑑𝑑𝑇𝑇 

3.4 Conduction of Analyses and Computation of the Seismic Damage (ANNs' 
Output) 

It is well-known that the damage indices are used for the numerical modeling of the 
damage level in the vulnerability assessment of structures and can be grouped into cat-
egories based on whether they are local or global, deterministic or probabilistic, struc-
tural or financial. In the present study, the seismic damage of r/c buildings was ex-
pressed in terms of the Maximum Interstorey Drift Ratio (MIDR). The MIDR, which 
is generally considered an effective indicator of global structural and nonstructural 
damage of r/c buildings (e.g. [26]), corresponds to the maximum drift among the frame 
storeys. The relation between the MIDR values and the description of the seismic dam-
age state of r/c frames which was used in the present study is illustrated in Table 2 [27]. 
According to this classification, the number of damage categories/levels (three) is con-
sistent with the widely used seismic damage classification logic of light (green), mod-
erate (yellow) and heavy (red) damage states used in the case of rapid seismic assess-
ment of buildings after strong earthquake events. In order to generate the dataset re-
quired for the training of the ANNs, the selected buildings were analyzed by means of 
NTHA for each one of the 65 earthquake ground motion pairs presented in section 3.2. 
Thus, a total of 1755 NTHA (27 buildings x 65 earthquake records) were performed. 
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For each one of the 1755 analyses, the required data for the MIDR calculation were 
exported. 

Table 2. Relation between MIDR and damage state 

MIDR (%) <0.50 0.50-1.00 >1.00 
Degree of Damage Slight Damage Moderate Damage Heavy damage 

4 ANNs' Configuration and Training Algorithms 

The solution of any problem using ANNs requires defining the parameters with the 
aid of which they will be designed/configured and trained. Determining these parame-
ters is not straightforward, but requires a time-consuming testing process, where in each 
case the performance of the networks is examined using specific metrics. In the context 
of this study, the following choices were made for the configuration parameters of the 
ANNs: 

● Number of Inputs: The number of inputs of each ANN equals the number of 
parameters that enter the problem to be solved. Thus, as mentioned above, the 
number of inputs was set equal to 10, i.e. the sum of the three structural param-
eters and the seven seismic parameters. 

● Number of Outputs: In the present case the number of outputs equals to one and 
corresponds to the global damage index MIDR. 

● Number of the hidden layers: Networks with a single hidden layer were selected. 
This choice was based on the fact that the efficiency of such an ANN has been 
well-documented in numerous relevant research studies (e.g. [12]). 

● Number of neurons in hidden layers: The optimum number of neurons in hidden 
layers is not uniquely defined for all problems. In the context of the present 
study, an investigation for the determination of the optimum number of neurons 
in the hidden layer was conducted. More specifically, networks with a number 
of neurons in hidden layer that ranges between 10 and 100 were configured. 

● Parameter Alpha: This parameter controls overfitting, limiting the values of syn-
aptic weights.  The values of Alpha that were adopted in this study range be-
tween 10-5 and 0.01. 

● Activation functions of neurons: Two different types of activation functions for 
neurons of the hidden layer were used: the sigmoid function (logistic) and the 
hyperbolic tangent function (Fig 1(a)). These functions introduce nonlinearity 
into the behaviour of networks, making them more efficient. 

● Partition of the dataset: In order to avoid the overfitting effect, the Cross-Vali-
dation procedure was used, which gives a more generalized solution. In this 
case, the initial training sample is first divided into a training sample (75%) and 
a control sample (25%). Then the 75% is divided into five equal parts and each 
time one fifth (20%) is used for control and the remaining 80% for training. The 
algorithm trains each time for 80%, concludes a function, tests with the remain-
ing 20% and calculates a performance value. The same process is done by 
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selecting a different one of the five parts each time the training sample is split 
and finally the average value of the network performance metric is calculated 
from the five cases. 

Finally, it should be noted that the procedures for generating, optimizing and training 
the ANNs used in this paper were implemented using the Python programming lan-
guage [28]. 

5 ANNs' Performance Evaluation Metrics 

The performance of the ANNs, i.e. the total error produced by the networks in esti-
mating the level of seismic damage, can be quantified (measured) by a number of pa-
rameters. The selection of the correct performance metrics is a key part of the solution. 
The Accuracy metric is the most basic performance metric of an ANN and is defined 
as the ratio of correct predictions to the total number of predictions made. However, 
there are cases where Accuracy can lead to incorrect estimates, so a number of other 
metrics have been defined that can also quantify the performance of an ANN. Such 
metrics used in this paper are Precision, Recall, F1-Score, Micro Average F1 and Macro 
Average F1. Note that the Precision, Recall and F1-Score metrics are calculated sepa-
rately for each level of seismic damage, while for the Accuracy, Micro Average F1 and 
Macro Average F1 metrics an overall value is calculated for all three damage catego-
ries. Also, the values of all metrics are assigned values from 0 (zero network perfor-
mance) to 1 (excellent network performance). A detailed presentation of the calculation 
of the above metrics is given in [29]. 

6 Results 

Table 3 shows the performance evaluation metrics of the four optimal neural net-
works, as obtained from the iterative process of optimizing their configuration param-
eters presented in Section 4. The four optimal ANNs are as follows: 

A. A hidden layer of 80 neurons with a tansig activation function 
B. A hidden layer of 100 neurons with a logsig activation function 
C. Two hidden layers of (90,90) neurons with tansig activation function 
D. Two hidden layers of (100,100) neurons with logsig activation function 

For each metric, the four ANNs are compared with each other and the most efficient 
in estimating the level of seismic damage is given a strong coloring. The table shows 
that the four optimal neural networks perform equally well since their metrics show 
small deviations. However, neural network B (a hidden layer of 100 neurons with an 
activation function logsig) performs better than the four, as for almost all metrics it 
obtains the maximum value. For this network the accuracy value is 86%, which demon-
strates the ability of the ANNs to reliably predict the level of seismic damage, provided 
the training sample, as well as the network configuration parameters, are properly se-
lected. 
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Table 3. ANNs' Performance Evaluation Metrics 

 PRECISION RECALL F1-SCORE 

 Α Β C D Α Β C D Α Β C D 
Slight 

Damage 0.91 0.90 0.90 0.92 0.92 0.91 0.94 0.93 0.92 0.90 0.92 0.93 

Moderate 
Damage 0.70 0.75 0.74 0.71 0.54 0.70 0.70 0.65 0.61 0.73 0.72 0.68 

Heavy 
Damage 0.81 0.88 0.88 0.86 0.89 0.91 0.88 0.88 0.85 0.89 0.88 0.87 

 
ACCURACY MICRO AVG F1 MACRO AVG F1 

Α Β C D Α Β C D Α Β C D 
0.82 0.86 0.85 0.84 0.82 0.86 0.85 0.84 0.79 0.84 0.84 0.82 

7 Conclusions 

The present paper attempts a pilot application of the ANNs for the assessment of the 
structural damage level in case of r/c frames under seismic excitations. To this end, 27 
frame buildings with different structural characteristics were selected and designed. 
The buildings were analysed by means of the nonlinear time history method for 65 
seismic excitations obtained from relevant international databases. From these anal-
yses, their global damage index in terms of maximum interstorey drift ratio was calcu-
lated. Subsequently, based on the above training database, perceptron-type ANNs were 
used to investigate their ability to reliably estimate the seismic damage levels. The pa-
rameters that configure the networks were also investigated and their performance was 
evaluated using a number of metrics. The results of the investigation revealed that the 
optimal network can estimate the seismic damage level with significant reliability (86% 
accuracy) provided that the training database, as well as the network configuration pa-
rameters, are properly selected through a process of testing and optimization. 
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